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UNDERGROUND WORKS IN HARD ROCK TUNNELLING AND MINING
P. K. Kaiser1 M.S. Diederichs2, C. D. Martin3, J. Sharp4, and W. Steiner5
ABSTRACT
The rock mass around an underground opening is subjected to a unique stress path that results in low
radial confinement and both tangential loading and unloading conditions near the wall. As a result, the rock
mass strength near underground excavations is controlled by failure mechanisms dominating at low confinement. Hence, when constructing underground works in hard rock, two general scenarios are encountered: (1) structurally controlled gravity-driven failures; and (2) stress-induced failure with spalling and
slabbing. The former process is predominant when both the radial and the tangential stresses are low, where
as the latter is prevalent when high tangential stresses drive rock mass failure. Whereas structurally controlled failures are most frequently observed at shallow depths and slabbing failure is commonly found at
great depth, mining and tunnelling experience shows that these failure processes may be encountered at essentially any depth. In this keynote the authors provide an overall framework for assessing the stability of
underground openings in hard rocks, regardless whether the excavations are required for mining, nuclear
waste or civil engineering applications.
For the prediction of stress-induced slabbing, a bi-linear failure envelope cut-off is introduced. The
resulting failure envelope, combined with numerical modelling, is used to determine the depth of failure near
excavations and in pillars, and to examine the effect of rock mass bulking of the failed rock on the displacement demand for support selection. An assessment of rock mass relaxation on structurally controlled failure
processes is made with respect to support demand and support capacity. This keynote also includes a brief
review of violent failure processes, i.e., rockbursting. Where possible, examples from mining and civil engineering projects are provided to illustrate the design challenges of underground excavations in hard rocks.
Guidelines for support design are provided.
The findings presented here are intended to assist the practitioner in arriving at more economical solutions and to provide a basis for further research to advance the state of knowledge in this field.
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INTRODUCTION

In both civil and mining engineering, the need to construct underground excavations at great depth is
challenging engineers and at the same time opens new frontiers. In mining, depths of 4 km have long been
exceeded in South Africa and mining at depths in excess of 2.5 km with elevated horizontal stresses are forcing the Canadian mining industry to arrive at more cost-effective mining methods. The need for more rapid
transport links in Europe demand tunnels at the base of the Alps, with tunnelling at overburden depths exceeding 2 km. Underground works at great depth, i.e., in highly stressed ground, provide therefore a natural
focus for this keynote lecture. At these depths, the ground is much less forgiving and careful engineering is
required to lower the risk to acceptable levels both in terms of safety and economy.
Nevertheless, large permanent underground openings close to surface, for hydropower developments,
hydrocarbon storage, transportation structures, water treatment and holding tanks and civil defense openings,
still pose new challenges. Even more demanding applications include the disposal of nuclear waste and
containment structures for liquids and gases under high pressure. Hence, one section is dedicated to a review of current and future trends in permanent civil engineering underground works. It also focuses on
structurally controlled stability concerns when constructing caverns in moderately to highly fractured
ground. The final section, addresses some of the challenges facing the civil construction industry when tunnelling at depth.
1.1

Scope
This keynote lecture deals primarily with trends and challenges of underground works in hard rock, in
particular with the behaviour of brittle rock. In mining, ever increasing international competitiveness has
forced the industry to find innovative and better means to mine at depth. Lessons learned from this environment, where control of the failure process is paramount for economic survival, can also assist in creating
permanent structures for civil engineering applications in a more economic manner.
Because of the structure of this conference, the authors have intentionally excluded issues related to excavations in soft rock, underground openings in rocks with pre-dominantly time-dependent behaviour (swelling or squeezing), excavation techniques by blasting or mechanical cutting, and risk or hazard assessment
methods. We hope that these and other topics related to underground works are covered elsewhere.
Excavations in hard rock can be categorized into nine classes as illustrated by the matrix of instability
modes in Figure 1.1. This keynote covers the entire spectrum described by the matrix from excavations in
hard rock at shallow to great depth, and from intact to highly fractured rock ([row 1; column 1] to [3; 3]).
This article is structured into five sections, contributing to an understanding of brittle hard rock failure,
the stability assessment of excavations in brittle failing rock, and rock support to control the broken ground
when rock mass failure cannot be prevented.
Experience from recent research is summarized in Sections 2 to 4, with primary contributions by M.S.
Diederichs, P.K. Kaiser, and C.D. Martin. These sections are addressing critical issues for excavations at
moderate to high stress, and in massive to moderately jointed rock (Figure 1.1; shaded matrix elements [1 to
3; 2] and [1 to 2; 3]). Because failure around underground openings occurs where the confining stresses are
very low or tensile, the failure criteria discussed in Section 2 are restricted to predict the stability of underground openings and not the behaviour of confined rock. Furthermore, the content of companion sections 3
and 4 are restricted to hard, brittle failing rock, where elastic stress calculations provide an accurate measure
of induced stress and where progressive spalling is the dominant failure mechanism.
Section 5 deals with shallow structures of large span, permanent excavations (caverns), with J. Sharp as
main contributor (Figure 1.1; matrix elements [2 to 3; 1] and [2 to 3; 2]). Based on an assessment of past
experience, the need to fully understand and foresee the likely ground response and its potential behaviour as
the primary support component for the underground structure, is explored. Practical guidelines are presented.
In Section 6, some challenges facing the civil construction industry when tunnelling at great depth are
addressed, with W. Steiner as primary contributor (Figure 1.1; matrix elements [1 to 3; 2] and [1 to 3; 3]).
This section is building on recent experiences from the exploration and planning phases for deep alpine tunnels in Europe.
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Figure 1.1: Tunnel instability and brittle failure as a function of rock mass rating and the ratio of the maximum far-field stress σ1 to the unconfined compressive strength σc (Martin et al. 1999; modified from Hoek
et al. 1995)
1.2
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CHARACTERIZATION AND BEHAVIOUR OF HARD ROCK

Failure of underground openings in hard rocks is a function of the in situ stress magnitudes and the
characteristics of the rock mass, i.e., the intact rock strength and the fracture network (Figure 1.1). At low in
situ stress magnitudes, the failure process is controlled by the persistence and distribution of natural fractures. As the in situ stress magnitudes increase, the natural fractures become clamped and the failure process becomes brittle and is dominated by new stress-induced fractures growing parallel to the excavation
boundary. One of the key parameters characterizing brittle failure in hard rocks is the stress magnitude required to initiate and propagate these stress-induced fractures through intact or tightly clamped fractured
rock. Initially, at intermediate depths, these stress-induced fractured regions are localized near the tunnel
perimeter but at great depth the fracturing involves the whole boundary of the excavation (Figure 1.1).
Unlike ductile materials in which shear slip surfaces can form while continuity of material is maintained,
brittle failure deals with materials for which continuity must first be disrupted through stress-induced fracturing before kinematically feasible failure mechanisms can form.
The purpose of this section is to deal with the fundamental processes of brittle failure in hard rocks that
are relevant when assessing excavation stability for ground control and rock support.
2.1

Fundamental characteristics of brittle rock masses
The analysis of underground openings for brittle failure requires knowledge of three variables: (1) the
in situ stress boundary condition, (2) the rock mass strength, and (3) the geometry of the excavation(s).
2.1.1

Intact and rock mass strength
The strength of intact rock is determined from laboratory tests on cylindrical samples and the strength
of a rock mass assessed using empirical approaches or by back-analyzing case histories where examples of
failure have been carefully documented. One of the most widely used empirical failure criteria is the HoekBrown criterion (Hoek and Brown 1980). Since its first introduction, the criterion has been modified several
times, most recently by Hoek and Brown (1998). The generalized form of the criterion for jointed rock
masses is defined by:

 σ

σ 1 = σ 3 + σ ci  mb 3 + s 
 σ ci


Figure 2.1: Example of the Hoek-Brown criterion
using laboratory samples and the parameters required to fit damage initiation based on microseismic events

a

(Eqn 2.1)

where σ1 and σ3 are the maximum and minimum principal stresses at failure respectively, mb is the value of
the Hoek-Brown constant m for the rock mass, s and a
are constants which depend upon the characteristics of
the rock mass, and σci is the uniaxial compressive
strength of the intact rock pieces (Figure 2.1).
For hard rock, Hoek and Brown (1998) recommend a value of 0.5 for a. In order to use the HoekBrown criterion for estimating the strength and deformability of jointed rock masses, three properties of
the rock mass have to be estimated. These are: (1)
uniaxial compressive strength σci of the intact rock
pieces in the rock mass; (2) Hoek-Brown constant mi
for these intact rock pieces; and (3) Geological
Strength Index GSI for the rock mass. GSI was introduced by Hoek et al. (1995) to provide a system for
estimating the rock mass strength for different geological settings. It can be related to commonly used
rock mass classification systems, e.g., the rock mass
quality index Q or the rock mass rating RMR.
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The origin of the Hoek-Brown criterion is based on the failure of intact laboratory samples and the reduction of the laboratory strength is based on the notion that a jointed rock mass is fundamentally weaker in
shear than intact rock. While the concept is sound, the application of the Hoek-Brown criterion to brittle
failure has met with limited success (Nickson et al. 1997; Martin et al. 1999). Pelli et al. (1991) showed that
in order to fit the Hoek-Brown criterion to observed failures, the value of mb had to be reduced to unconventionally low values and Martin et al. (1999) found that mb should be close to zero with a value of s = 0.11
(1/3σci). Similar findings were reported by Stacey and Page (1986), Wagner (1987), Castro et al. (1997),
Grimstad and Bhasin (1997) and Diederichs (1999) who all showed, using back-analyses of brittle failure,
that stress-induced fracturing around tunnels initiates at approximately 0.3 to 0.5 σci and that it is essentially
independent of confining stress. Hence, while the traditional Hoek-Brown parameters may be appropriate for
estimating the shear strength of ductile rock masses
around tunnels and slopes at shallow depths, there is
growing evidence that the same approach is not appropriate for estimating the strength of hard rocks around
tunnels at depth. The fundamental difference between
the two modes of failure is that at shallow depths slip
along discontinuities or shearing of the rock matrix
dominates the failure process, while at depth stressFigure 2.2: Mechanisms for damage initiation
induced fracturing dominates.
Since the early work of Brace et al. (1966) laboratory studies have shown that in unconfined compression tests, damage initiation occurs at 0.3 to 0.5 of the peak strength. Starting with the pioneering work of
Griffith (1924) many researchers, e.g. Horii and Nemat-Nasser (1986) and Kemeny and Cook (1987), have
associated this damage with slip and proposed sliding crack models to simulate brittle failure (Figure 2.2).
However, as pointed out by Lajtai et al.
(1990) this initiation of damage in laboratory samples is not caused by shearinduced slip as only lateral dilation of the
cylindrical samples is recorded with no
axial shortening. Lajtai et al. (1990) suggested that damage initiation was caused
by tensile cracking. Figure 2.2 illustrates
two possible mechanisms causing damage
initiation when rock containing a flaw is
subjected to deviatoric stress. Because of
the molecular bonding structure, rocks are
fundamentally weaker in tension than in
compression. Hence, during compression
or shear loading, tensile cracking will
dominate the failure process provided
tensile stresses are generated internally
and exceed the tensile strength. This concept was explored by Diederichs (1999)
and conditions causing tension in a compressive stress field are discussed later.
The microscope work by Tapponnier
and Brace (1976) has shown that the
length of the cracks, at the initiation stage
in the damage process, is approximately
equal to the grain size of the rock. Hence,
to track the failure process numerical
models should be able to simulate the
Figure 2.3: Example of axial stress versus axial strain from a
grain scale. Cundall et al. (1996) develbonded disc model (after Diederichs 1999). Also shown are
oped the particle flow code PFC that can
the number of tensile and shear cracks, as well as the crack
be used to represent rock by considering
rate per unit strain.
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particles as mineral grains. PFC treats the rock as a heterogeneous material bonded together at contacts with
each contact point acting like a pair of elastic springs allowing normal and shear relative motion. When
either a tensile normal-force or a shear-force limit is reached, the bonds break and cannot carry tension
thereafter. Broken contacts, which remain in contact, can generate frictional shear resistance in response to
normal stress. Diederichs (1999) used PFC to explore the damage initiation in simulated samples of Lac du
Bonnet granite. In this work, the accumulation of both tensile bond breaking and bond slip were tracked as
loads were applied.
A typical axial stress versus axial strain curve from these simulations is shown in Figure 2.3. The
stress-strain curve shows the characteristic damage initiation at about 0.3 to 0.4 of the peak strength and
rapid strain softening immediately after peak. Also shown in Figure 2.3 are the incremental snap-shots of
crack growth. Note that even though the sample is confined with 20 MPa, the total amount of tensile cracking dominates shear cracking by a ratio of approximately 50:1 and that there is very little new crack growth
after the macro-scale failure zone has formed. Heterogeneity (both in grain size and material properties) is
key in generating tensile stresses in a compressive stress field.
Furthermore, Diederichs (1999) demonstrated that for a system in which unstable propagation of individual cracks is prevented (as is the case with PFC), a consistent statistical relationship exists, for a range of
confining stresses, between the stress required for crack initiation and the stress level at which a critical density of accumulated cracks results in crack interaction and yield (yield stress / initiation stress = 2 for the
model). This ratio is similar for polycrystalline rock such as granite in laboratory testing of cylindrical samples (Brace et al. 1966). The crack interaction threshold is defined as the first point of axial non-linearity or,
for uniaxial tests, of volumetric strain reversal. While crack initiation is dependent on a critical stress
threshold, crack interaction is dependent on a critical crack density. In laboratory tests where the loading
path is monotonic, this critical crack density is reached when the maximum stress value reaches twice the
crack initiation stress. In a rock mass surrounding underground openings, the loading path is quite different
and the critical crack density is reached at stress values that are considerably less than the laboratory value.
In the limit, the critical crack interaction
becomes coincident with crack initiation.
This causes the in situ yield strength
(crack interaction) to drop to the stress
level required for crack initiation (0.3 to
0.5-times σc). This in situ strength drop is
widely observed in massive and moderately jointed hard rock masses.
It is often argued that tensile failure
cannot occur in a confined state. However, most rocks and rock masses are
heterogeneous at the grain or rock block
level and this introduces internal stress
variations as illustrated by Figure 2.4 on
results from a bonded disc model of a
sample confined at 5 MPa. The fourth
quadrant presents the minor principal
stress state inside the sample and it can be
seen that large zones of tension are created due to heterogeneity. Despite the
applied boundary confinement of 5 MPa,
internal tension in excess of 6 MPa is
locally observed.
When continuum models are adopted
c)
σ1 (MPa)
d)
σ3 (MPa)
to determine the stability of an excavation, uniform stresses are predicted (imFigure 2.4: Bonded disc model demonstrating stress heterogeplicit in homogeneous continuum models)
neity: (a) disc assembly with compressive contact forces and
with mostly confined conditions near
stress sampling circles; (b) tensile contact forces; c) averaged
excavations, unless irregular geometries
vertical stresses (compression negative); (d) averaged lateral
or high in situ stress ratios cause tension
stresses with shaded tensile zones (Diederichs 1999)
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zones. Figure 2.5 illustrates that this is not the
case in heterogeneous rock masses. Here, the
average stresses sampled within smaller regions
of the overall confined specimen (20 MPa) are
shown for applied axial stress levels of 80 and
250 MPa, respectively. As the axial stress increases, the variability in both the local major
and minor principal stress increases as well and
half of the sampling points experience lower
confinement than the applied boundary stress.
This issue of tensile stresses and thus tensile
failure in a compressive stress field was also
addressed from a different perspective by Cai et
al. (1998). Conventionally, the interpretation of
near-excavation micro-seismic data is based on
models assuming shear failure as a dominant
source of energy release (e.g. Brune 1970). It is
found that these models are often unsuccessful in
interpreting near-boundary micro-seismic behaviour (Feignier and Young 1992). Stimulated by
the qualitative observation that shear models
provide unrealistically large source sizes for
micro-seismic events, a tensile cracking model
was developed by Cai et al. (1998) and evaluated
on data from the Underground Research Laboratory URL (Collins and Young, 2000). This tenFigure 2.5: Internal stress variations at an external consile failure model produces realistic fracture
finement of 20 MPa (Diederichs 1999) leading to local- sizes, sizes that correspond more closely with
field observations. The findings are summarized
ized, internal low or tensile confining stress zones
in Figure 2.6 (a) comparing calculated source
sizes predicted by the tension and shear model as a function of seismic energy. This tension model fits better
with the established empirical relationship and, more importantly, predicts sizes that are consistent with visual observations of at least one to two orders of magnitude smaller sizes. While it is difficult to obtain data
on actual source size distribution, it can be indirectly demonstrated that the tensile model produces more
realistic source sizes.

(a)

(b)

Figure 2.6: (a) Source radius versus seismic energy for shear (Brune) and tensile model; (b) source size
clustering near notch of mine-by experiment tunnel at URL (Pinawa, Canada) (after Cai et al. 1998)
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In Figure 2.6 (b), source locations and sizes for micro-seismic events recorded around a test tunnel in
massive Lac du Bonnet granite are shown as circles rotated into the cross-sectional plane. Visible instability
(slabbing) is to be expected when fractures interact or cluster sufficiently to create continuous fractures (Kaiser et al. 1997; Falmagne et al. 1998). Clustering leading to one-sided notch formation is evident in Figure
2.6 (b). The sources in the upper notch interact to the observed depth of failure whereas they do not interact
in the floor where the notch is much less distinct. Hence, indirectly the observed notch formation at the
URL supports the tensile failure model in an overall compressive stress field, and demonstrates that the tensile model is able to better estimate the
damage accumulation and the eventual size
of the failure zone (Cai et al. 1998).
Tensile stresses near the boundary of
the tunnel can exploit grain-scale cracks
leading ultimately to stress-induced slabbing and spalling, commonly associated
with brittle failure (Figure 2.7). The depth
and extent of the tensile region and the
magnitude of the tensile stresses can affect
the thickness and extent of the slabs. Evidence from laboratory tests and field studies
suggest that brittle failure is a phenomenon
that occurs when the confining stress is
either tensile or very close to zero. Under
such conditions the initiation of damage
becomes a key indicator for determining
Figure 2.7: Example of the stress-induced slabbing and
whether brittle failure is possible. Below
spalling that occurs during brittle failure around deep excathis damage-imitation threshold, undervations (after Ortlepp 1997)
ground openings in hard rock masses remain stable.
2.2

Site characterization
A site characterization program for a deep tunnel begins by compiling the geological and geotechnical
information for the proposed route and as the design moves forward, detailed information is required of the
individual rock units, discontinuities, groundwater, etc. From Section 2.1, it is evident that brittle failure is
dominated by stress-induced fracturing of intact rock. Hence, the strength and deformation characteristics of
this intact rock, as well as the in situ stress magnitudes, are essential for the design of underground openings
in hard rock. The importance of discontinuities and water and other factors are discussed separately.
2.2.1

Sample disturbance of intact rock
At first glance, it would appear that obtaining samples of hard rocks for laboratory testing would be a
straightforward task. For deep tunnelling excavations it is routine to core samples at depths greater than
500 m and in the mining and petroleum industry samples often come from depths of several kilometres. It is
generally recognized, in the petroleum industry, that softer rocks, i.e., shales, siltstones, etc., are susceptible
to sample disturbance and that this process affects their laboratory properties (Santarelli and Dusseault
1991).
The process of drilling a core sample from a stressed rock mass induces a stress concentration at the
sampling point. When this stress concentration is sufficient, grain-scale microcracking occurs and the accumulation and growth of these microcracks ultimately may lead to core discing. Martin and Stimpson (1994)
showed that the accumulation of these microcracks is progressive and a function of the stress environment,
i.e., increasing depth. They also showed that the accumulation of these microcracks:
- reduces the uniaxial compressive strength,
- decreases the Young’s modulus,
- increases the Poisson’s ratio,
- increases the porosity and permeability, and
- reduces the P-wave velocity.
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Martin and Stimpson (1994) suggested that sample disturbance started to affect the laboratory properties of Lac du Bonnet granite when the ratio of far-field maximum stress to the uniaxial compressive strength
was greater than 0.1. When this ratio reached approximately 0.3, the uniaxial compressive strength and tensile strength of Lac du Bonnet granite were reduced by nearly 30 and 60%, respectively. It is important to
recognize this phenomenon and to take it into account when using design criterion that rely on properties
affected by sample disturbance.
2.2.2

In situ stress
The design of an underground excavation requires in situ stress as an input parameter; hence there is little debate about the need for stress measurements. The more challenging question is: What stress measurement techniques are best suited for deep excavations in hard rocks? AECL's URL is often described as an
excellent example of a site where the in situ stress state is known with confidence (Amadei and Stephansson
1997). While this is true, the in situ stress state at the URL was not determined using only one of the method
listed in Table 2.1. In fact, most of the traditional indirect measurements failed below 300 m depth to give
consistent results and in most cases gave erroneous results (Martin 1990). Combining all the results from the
various techniques mentioned
Table 2.1: Stress measurement techniques tried at AECL's URL summain Table 2.1 enabled the develrized from Martin et al. (1990)
opment of a valid stress tensor
below 300 m depth. One findMethod
Technique
ing from this combination of
Indirect
Triaxial Strain Cells
- Modified CSIR
methods is that large-scale
- CSIRO
methods using back-analysis
- Swedish State Power Board
techniques give consistently
- Sherbrooke Cuis Cell
more reliable results than
Biaxial Strain Cells
- CSIR Door Stopper
‘small-scale’ traditional meth- Modified Door Stopper
ods.
- USBM Gauge
Wiles and Kaiser (1990)
- Bock Slotter
showed that even for very
Hydraulic Fracturing
- Maximum stress
good rock mass conditions,
such as at AECL's URL, ten
Direct
Hydraulic Fracturing
- Minimum stress
overcore tests were needed to
Large-scale
Convergence
provide statistically significant
back-analysis
results and that with less than
Under-excavation
ten measurements, the results
Mine-by Experiment
were very erratic and with less
Depth-of-failure
than five measurements little
confidence can be placed on
the mean stress. Figure 2.8 from Martin et al. (1990) demonstrated that a single large-scale stress measurement technique gave the same results as the mean of the ten overcore results referred to by Wiles and Kaiser
(1994). They attribute the variability in overcore results to the systematic errors in the measurement technique and not to the variability in stress. Stress measurement techniques must be designed to reduce this
variability.
The findings from the in situ stress characterization program that was carried out at the URL from 1980
through to 1990 can be summarized as follows:
- Traditional methods are suitable for shallow depths, i.e., where the ratio of the far-field maximum
stress to the uniaxial laboratory strength is less than σ1/σc < 0.15.
- Where the ratio of σ1/σc > 0.15, the rock mass response will be non-linear and any traditional
method that records the non-linear rock mass response and requires the interpretation of these nonlinear strains will give erroneous results if interpreted using linear elastic theory. The severity of
the error will depend on the magnitude of the ratio above 0.15. The URL experience indicates that
when σ1/σc > 0.2, the results are extremely difficult to interpret and when σ1/σc > 0.3, they are basically meaningless. In the Canadian Shield these limits occur at depths of approximately 1000 m to
1500 m, respectively. Wiles and Kaiser (1990) showed how the under-excavation technique could
be used to overcome these limitations.
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Figure 2.8: Effects of scale on stress variability, data
from Martin et al. (1990)

- Where the horizontal stress magnitude is
the maximum stress, hydraulic fracturing
produces sub-horizontal fractures and
these are difficult if not impossible to interpret. Because hydraulic fracturing
only provides the minimum stress, hydraulic fracturing results tend to reflect
some component of the vertical stress
and the minimum horizontal stress. In
addition, the pressures required to fracture the rock at depths greater than 1000
m are beyond the capabilities of most
hydraulic fracturing equipment, particularly for 75-mm-diameter boreholes or
less.
- Large scale observations and backanalysis of failures, similar to those observed in borehole breakouts and orepasses, using the depth and extent of
failure can reduce the variability that
plagues small-scale measurements, such
as overcoring, and provide consistent
stress orientations and magnitudes.

2.2.3

Figure 2.9: Stress change observations at
Winston Lake mine (after Kaiser et al. 2000)
6

Stress change
For stability assessment, it is the maximum induced stress near an excavation wall that determines
whether failure occurs. These mining-induced stresses,
of course, are directly related to the in situ state of
stress, but the geometry of the opening and nearby
excavations, within the zone of influence, often have a
dominant effect on the maximum stress concentration
at the excavation wall.
A mining example from the Canadian Shield is
used to illustrate the importance of mining-induced
stress change. The effects of stope advance was recorded by stress change cells in the hanging wall and
near a top sill drift at the Winston Lake mine (Kaiser et
al. 2000; Figure 2.9). The lower hemisphere stereonet
in this figure shows the measured stress path for the
three principal stresses in the hanging wall and it can be
seen that these stresses undergo a stress rotation of
between 90 and 180 degrees. Also shown is when the
stress path, according to a comparison with stresses
from elastic 3D modelling (Kaiser et al. 2000), deviates
from elastic rock mass behaviour.
The influence of such stress changes on the stress
concentration factor SCF6 can best be illustrated by
example of a circular excavation experiencing a stress
change ∆σ (Figure 2.10). For a tunnel in a virgin in
situ stress field of (σ3/σc = 0.2; σ1/σc = 0.25), the
minimum and maximum stress level at the wall are 0.3

defined as the maximum tangential stress at the excavation wall normalized by the laboratory uniaxial
compressive strength: SCF = σmax/σc, where σmax = 3σ1-σ3.
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and 0.55, respectively. If this tunnel experiences a stress increase ∆σ in the major principal stress (from 0.25 to 0.4), the
minimum and maximum stress level at
the wall change to 0.2 and 1.0, respectively, as illustrated by the second graph
in Figure 2.10.
The stresses measured above the
top sill drift at Winston Lake mine are
shown in Figure 2.9, and compared to a
damage threshold (discussed later) and to
the 2D stress path for a circular excavation (before mining-induced stress
change). It should be noted that the 2D
stress path is conceptual with the starting
and endpoints being independent of the
loading conditions. In reality, 3D effects
near the face of the drift will result in
distinctly non-linear stress paths. At an
Figure 2.10: Stress path for circular excavation experiencing
in situ stress level of [0.16; 0.36], the
stress change (increase in major principal stress)
stress concentration at the wall of the top
sill drift, before mining started, would
reach 1.02-times the minimum strength of the ore (90 MPa) (Point A in Figure 2.9). In other words, the
calculated maximum tangential stress was roughly equal to the rock strength and, hence, must have exceeded
the damage threshold long before the drift was subjected to additional stresses induced by the mining front.
Because the stress cell was placed at some distance from the wall of the drift, the measured stresses should
never reach Point A, the maximum predicted for the wall.
As mining approaches the cell location, the axial stress σ2 generally increases but stays at all times below the damage threshold. While the major principal stress σ1 increases steadily till a maximum is reached
at about 80 MPa, the minor principal stress σ3 first drops to less than 5 MPa, then increases to in excess of
25 MPa, and finally drops rapidly to below zero when the damage threshold is exceeded. Consequently, as a
result of mining-induced stress changes, the top sill drift experiences large variations in stress, initiating
failure when the deviatoric stresses near the top sill exceed the damage threshold. After this point, the confining stress σ3 drops off rapidly providing further evidence of failure.
2.2.4

Site characterization considering mining-induced stresses
Since the induced stresses near an excavation wall start the failure process and not the in situ stress directly, the mining-induced stress concentration factor σmax/σc (or damage index Di (Martin et al. 1999))
serves as a more appropriate indicator of excavation behaviour. Using this indicator, the relative in situ
strength ranges, shown on the left margin of Figure 2.11, can be replaced by the mining-induced stress concentration ranges summarized in Table 2.2 and shown on the right margin of this figure. The ranges given
for each stress domain indicate that the predominant behaviour mode also depends on: rock type, grain size,
degree of jointing, and the level of heterogeneity in the rock mass.
As can be seen from Figure
Table 2.2: Ranges of mining-induced stress concentration to iden2.10, the normalized minimum stress
tify applicable stress regime (Figure 1.1 and Figure 2.11)
(Point C) is also affected by stress
change and may approach zero or
Low mining-induced stress
σmax/σc < 0.4±0.1
negative (tensile) values in typical
Intermediate mining-induced stress
0.4±0.1< σmax/σc < 1.15±0.1
mining scenarios. In other words,
there are locations around an excavaHigh mining-induced stress
σmax/σc > 1.15±0.1
tion where the tangential (clamping)
stresses become tensile. Since this means that stresses relax relative to the original stress state, the term
“relaxation” is used throughout this article to describe conditions where a negative stress change leads to a
reduction in tangential stresses near an excavation.
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Figure 2.11: Examples of tunnel instability and brittle failure (highlighted gray squares) as a function of Rock
Mass Rating and the ratio of the maximum far-field stress σ1 to the unconfined compressive strength σc
(modified from Martin et al. 1999). Also shown are corresponding ranges of mining or excavation-induced
stress concentrations σmax /σc.
2.3

Figure 2.12: Bilinear envelope for stiff clay
(developed as a function of axial strain)
illustrating transition from a cohesive to a
frictional yield mode (after Schmertman and
Osterberg 1968)

Brittle rock mass failure envelope
In conventional usage, the Hoek-Brown and the MohrCoulomb strength envelopes assume that both cohesion and
friction contribute to the peak strength, and are mobilized
instantaneously and simultaneously. This is certainly valid
at high confinement levels, when the rock behaves in a ductile manner (σ1/σ3 < 3.4 according to Mogi (1966)) and cohesion and frictional strength components can be mobilized
simultaneously. Diederichs (1999) suggests that this behaviour results from the condition of all-round compressive
strain at the point of crack initiation (i.e. without extension
strain cracks cannot extend or dilate allowing coincidental
friction mobilization). However, Martin et al. (1999) argue
that the assumption of instantaneously and simultaneously
mobilized cohesion and friction is not correct for brittle
rocks in a compressive stress field at low confinement. In
these conditions, cracks dilate or open after initiation and
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σ1

this inhibits the coincidental mobilization
of friction and cohesion. This notion is
also supported by the laboratory findings
of Martin and Chandler (1994). Hajiabdolmajid et al. (2000) suggest that brittle
strength mobilization can be reasonably
represented as a two-stage process, with
the pre-peak behaviour dominated by the
cohesive strength of the rock material,
and the residual strength controlled by
the mobilized frictional strength within
the damaged rock. In short, the frictional
strength cannot be mobilized until the
rock is sufficiently damaged to become
essentially cohesionless.

σC
Shear Failure

Long Term Strength
of Lab Samples

Distributed Damage
and Acoustic Emission

Axial Splitting
Spalling
Failure

Damage Threshold
( "m = 0" )
Tensile Failure

Insitu Strength
No Damage

σ3
σC

Bi-linear failure envelope cut-off
At low confinement levels, the acFigure 2.13: Schematic of failure envelope for brittle failure,
cumulation of significant rock damage,
showing four zones of distinct rock mass failure mechanisms:
equivalent to loss of cohesion, occurs
no damage, shear failure, spalling, and unravelling (after Diedwhen the principal stress difference
erichs 1999)
(σ1-σ3) = 1/3 to 1/2 σc is reached or exceeded. This is equivalent to a bi-linear failure envelope cut-off starting at φ = 0 (Mohr-Coulomb) or m = 0
(Hoek and Brown) as discussed by Kaiser (1994).
The concept of a bi-linear failure envelope is not unknown to the soil mechanics community (cap
model and critical state soil mechanics), e.g., for over-consolidated clays. It is also consistent with the findings of Schmertman and Osterberg (1968) summarized in Figure 2.12 (tests on Jacksonville Sandy Clay).
For this material, the cohesive strength component dominates at low strains and at low confinement (p’),
whereas the frictional strength component dominates at large strains and high confinement.
For brittle rock, the strength envelope can also be represented by a bi-linear failure envelope cut-off as
illustrated schematically by Figure 2.13. Below a damage threshold (m = 0), the rock is not damaged and
remains undisturbed. When this threshold is exceeded, seismicity (acoustic emissions) is observed and damage accumulates, leading eventually to macro-scale shear failure if the confinement level is sufficiently high,
preventing unstable crack or fracture coalescence (e.g., in confined cylindrical test samples).
Unravelling

Figure 2.14: Schematic diagram illustrating preferential
crack propagation at σ1/σ 3 = constant

2.3.1

Spalling limit
When a stress path reaches the low
confinement zone and exceeds the damage
threshold, however, crack and fracture coalescence leads to spalling with preferentially
surface parallel fractures (axial splitting
with fractures parallel to the maximum
principal stress). As a result, the in situ
rock mass strength is significantly lower
than predicted from laboratory tests, where
this mode of failure is retarded due to the
particular state of stress in cylindrical samples. If tension is generated, rock fails due
to the tensile failure of rock bridges and
unravelling mechanisms dominate.
The stress space, therefore, can be divided into four regions (Figure 2.13): no
damage, shear failure, spalling and tensile
failure.
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Figure 2.15: Case example from Creighton Mine, Sudbury: Elastic model of staged mining geometry (left);
Stope sequence (centre); damage/yield zone from field observations by Landriault and Oliver (1992) at one
mining stage (hatched zones in right part of figure)
As the stress path enters the low confinement area, near the excavation boundary, fracture propagation
becomes highly sensitive to confinement. Figure 2.14 illustrates that, as σ3/σ1 approaches zero (Point A to
D), the tendency for cracks and fractures to propagate and coalesce increases exponentially. As the stress
path moves from A toward E and the stress ratio σ3/σ1 increases and eventually reaches zero, the crack
length 2(a+c) increases in the direction of the major principal stress. Hence, moving from A to D, the potential for coalescence and thus spalling grows rapidly. Essentially, lines of constant σ1/σ3 represent lines of
equal coalescence potential. The damage and cohesion loss process is non-linear and accelerates as σ3 approaches zero or a tensile state in the radial direction.
As was shown by Figure 2.4, heterogeneity introduces internal tensile zones. Inside these tensile zones,
the potential for crack propagation is therefore very high, higher than predicted based on the applied, uniform stress ratio σ1/σ3. When a boundary stress ratio of σ1/σ3 = 10 is exceeded, localized tension is encountered (see Figure 2.5), promoting unstable failure and spalling.

Figure 2.16: Comparison of yield observations with HoekBrown failure envelopes and with m = 0 damage threshold
(after Diederichs 1999)

Damage threshold
Martin et al. (1999) showed that the concept of the damage threshold (m = 0) is
applicable to a wide range of rock mass
strengths. This damage threshold can be
established from acoustic emission measurements (Figure 2.1), from field observations of
rock mass deformation monitoring (Castro
1996), or from borehole fracture surveys
(Diederichs 1999). For example, during the
mining of a stoping sequence at Creighton
mine (Figure 2.15), the extent of the damage
zone was established from borehole camera
observations and the state of stress, inside and
outside this damage zone, was calculated
using a 3D elastic model. The stresses inside
the damage zone are plotted in Figure 2.16 as
squares and the stresses outside, in the stable
zone without damage, as circles. A m = 0 line
with s = 0.25 provides a lower bound limit for
conditions of visible damage, called observed
yield.
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Case example – Winston Lake mine
When a stress path exceeds the damage threshold
and the spalling limit (σ1/σ3), brittle failure will occur
even if the long-term rock mass strength is not yet
reached. Such a stress path was anticipated at Winston
Lake mine as indicated by the arrow from the initial
stress state to Point A in Figure 2.17. It is important to
note that the actual stress path is not expected to follow
this line. The path, measured at Winston Lake mine by
a stress cell at some distance from the back of a top sill
drift, is shown in this figure. Initially, the measured
stresses hovered around the stress expected at the stress
cell location (around σ3 = 10 MPa and σ1 = 50 MPa).
Then, as mining influences the drift, both σ1 and σ3
increase more or less proportionally (similar behaviour
Figure 2.17: Principal stress change above top
has been observed near the mine-by tunnel at the URL
sill drift at Winston Lake mine (from Figure 2.9;
(Martin 1997)). Shortly after the stress path exceeds
after Kaiser et al. 2000)
the damage threshold, σ3 suddenly starts to drop, indicating the onset of spalling failure. Such spalling is associated with the opening of surface parallel fractures
(as can be seen in the photo presented in Section 4 (Figure 4.6)). As a result, the confining stress locally
drops to zero. Kaiser et al. (2000) describe the details of this failure sequence. It is of interest to note that
rock bolts and cables in the back of the drift were able to stabilize the fractured rock mass as indicated by
compressive long-term stress conditions at the end of the stress path. This monitored stress path supports the
notion that failure occurs in brittle rock when the stresses reach the bi-linear failure envelope cut-off, i.e.,
before reaching the confined long-term rock mass strength.
Summary
Because spalling occurs in brittle rock, when the tunnel boundary stresses exceed the damage threshold,
failure can be predicted using a bilinear failure envelope cut-off as
Confined Strength
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shown schematically in Figure 2.18.
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This bi-linear failure envelope cut-off constitutes the underlying framework for much of the remainder
of this article, where it is demonstrated on various examples, from stopes to tunnels to pillars, that the behaviour of brittle rock cannot be properly described by conventional yield criteria, unless a bi-linear cut-off as
shown in Figure 2.18 is introduced.
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STABILITY OF HIGHLY STRESSED EXCAVATIONS

In this section, two key issues affecting the stability of underground excavations in hard rock are addressed: (1) stress-induced failure causing slabbing and spalling, and (2) rock mass relaxation promoting
gravity-driven failures. At depth or in highly stressed ground, the latter situation may be aggravated by
stress-induced rock mass pre-conditioning in the form of stress-induced rock damage. The role of rock mass
relaxation around an underground opening caused by ground movements at some distance from the excavation is of particular importance in mining where multiple openings are common. It is less relevant in civil
engineering because adjacent openings are typically separated by a distance greater than the zone of influence of individual excavations and because excavations are staged to promote arching and to maintain compression in the rock.
Distinct modes of failure around underground
openings caused by different
stress paths are illustrated in
Figure 3.1. This concept
was used by Martin et al.
(1999) to assess the potential
for ground control problems
around mine openings. The
importance of stress change
on the stress path and the
ultimate state of stress at the
excavation wall is already
mentioned in Section 2 (Figure 2.10). As illustrated for
a circular excavation by the
graph on the right in Figure
3.1, points near the excavation wall (e.g., Point A) may
experience a stress increase
Figure 3.1: Illustration of stress path and resulting modes of failure
leading to spalling, whereas
other locations (e.g., Point C) may experience a stress decrease (relaxation). This notion of stress path leading to different failure modes will be further explored in this section. Because of the sensitivity of hard rock
to stress change, a good understanding of the failure processes and stress path helps to assess the potential
for caving of stopes, for dilution, and to adequately support the development tunnels. This section also deals
with some special challenges of pillar design and violent failure during rockbursting.
3.1

Stope design
Underground open stopes are typically of a scale where interaction with rock mass structures is inevitable. Even at depth, it is therefore necessary to consider the rock mass as a whole when predicting the potential for instability around open stopes. The stability graph method originally developed by Mathews et al.
(1981) and later modified by Potvin (1988), is an empirical system for open stope stability assessment. It
considers the rock mass quality, defined by conventional parameters common to tunnelling classification, as
well as special stress, structure and geometry parameters.
The stope face size and geometry is defined by the ‘hydraulic radius’ HR, equal to the area of a stope
face divided by the face perimeter, and the rock mass quality. Inherent stability is quantified by the stability
number N’:
N’= Q’ • A • B • C = RQD/Jn • Jr/Ja • A • B • C

(Eqn 3.1)

where RQD, Jn, Jr and Ja are defined by Barton et al. (1974) and factors A, B and C by Potvin (1988) as
shown in Figure 3.2.
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Based on several hundred cases,
Potvin (1988) and Nickson (1992)
empirically related HR, to the rock
mass stability number N’. The upper
boundary of the transition zone
shown in Figure 3.3 describes the
more conservative predictive limit for
instability. For rock masses with stability numbers that plot above this
upper limit, stability is predicted.
This technique has found wide application in Canadian mining operations
and has been calibrated by many
mines to take account of site-specific
conditions. Kaiser et al. (1997) identified one fundamental deficiency,
i.e., the sensitivity to stress change
and loss of tangential confining stress
Figure 3.2: Stress (A), structure (B) and gravity (C) factors for calin the walls of a stope. This condiculation of the stability number N'
tion happens frequently in cases of
re-entrant geometry, multiple lens
mining and in most hangingwall/footwall situations (in steeply
dipping ore bodies common to Canadian mining).
Even at depth, the modelled
(elastic) stresses tangential to the
stope walls are often tensile (Diederichs and Kaiser 1999; Martin et al.
1999). In reality, this manifests itself
through open joints normal to the
boundary and is analogous to an outward displacement of the stope
abutments. Actual abutment movements are also often induced, e.g.,
during bottom-up mining (Kaiser et
al. 2000; Kaiser and Maloney 1992;
Maloney et al. 1992), and may lead
to significant stress reductions in the
stope walls, particularly in hard rock.
Figure 3.4 illustrates the effect
Figure 3.3: Stability chart with unsupported stope database from
of this abutment relaxation on the noPotvin (1988) and Nickson (1992). Curves represent upper and
support limit of the stability graph in
lower no support limits.
Figure 3.3. Here the stability graph
has been replotted with respect to log(HR) and relationships for various relaxation levels, derived by Diederichs and Kaiser (1999) using a calibrated voussoir arch analogue, are shown. Positive displacements correspond to abutment relaxation and move the no support limit up and to the left. In other words, relaxation
caused by only tens of millimetres significantly reduces the maximum stable size for a stope in a given rock
mass quality. The influence of relaxation is particularly dramatic when major rock structures (faults) intersect stopes (Suorineni et al. 2000).
Diederichs and Kaiser (1999) converted the abutment deformation from Figure 3.4 to an equivalent average tensile stress acting parallel to the stope face. This results in the modified stability limits shown in
Figure 3.5 where tension is plotted positive. Also plotted in Figure 3.5 are data from stope backs (roof) and
hangingwalls from a Canadian hard rock mine (Greer 1989). The stope backs shown in the lower part of the
graph are in compression and instability of these faces is therefore adequately predicted using the convenKaiser et al. – GeoEng2000
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tional no-support limit. The hangingwalls at this mine, however, are reported to be in tension (Bawden
1993). The destabilizing effect of this tension can be accounted for, using an adjustment for tension, by a
modified stability graph A-factor that is applicable for tensile boundary stress conditions only:

A = 0.9 ⋅ e

σ
11 r
σc

(for σT < 0; Diederichs 1999)
(Eqn 3.2)
The impact of moderate relaxation (e.g., 5 to 10 MPa of average elastic tension parallel to the boundary) is approximately equivalent to a 30% to 50% reduction in maximum stable span or HR. Clearly, the
neglect of this relaxation for complex openings at depth has major negative economic consequences.
An even simpler approach for instability prediction is illustrated by the case example presented in
Figure 3.6. For blocky ground around underground open stopes or ground that has been preconditioned by high stress (stress-induced rock
mass damage), the extent of structurally controlled unravelling can be predicted, using minewide 3D elastic models such as Map3D™1, by
the spatial limits of tension zones (σ3 < 0) (Martin et al. 2000). Good model control (mesh and
gridding) is essential for this type of analysis to
avoid spurious tensile calculations near openings.
1

Available from Mine Modelling Pty. Ltd.; visit
http://www.map3d.com or www.mirarco.org

σ3 (MPa)
Figure 3.4: Replotted upper-bound no-support line (solid
line labeled with log function; lower-bound shown as
dotted) and the translation of this upper limit due to relaxation equivalent outward displacement of abutments
(after Diederichs and Kaiser 1999)

Close-up view of top of stope

Figure 3.5: Comparison between confined backs and
relaxed hangingwalls. Walls at depth can experience
strong relaxation equivalent to elastic tension as shown
in inset example. The translated no-support limits due
to tension are shown for three stress/tension levels (after
Diederichs 1999).

Figure 3.6: Comparison between zone of
elastic tension above a back (relaxation due
to complex geometries) and the observed
extent of caving predicted using MAP3D
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3.2

Drift or tunnel design
Two stress scenarios are also considered with respect to the stability of tunnels and drifts: (1) stability
in relaxed ground, and (2) stability in over-stressed rock.
3.2.1

Drift instability in relaxed ground

Stress relaxation or confinement loss
can also occur above the roofs of tunnels
in the vicinity of large mine openings or
where complex intersection geometries
are present. Relaxation combined with
favourably oriented joint sets can form
potentially unstable wedges. The stabilizing effect of stress has long been recognized but Diederichs (1999) illustrated
that even a small amount of confining
stress has a significant impact for such
wedges (Figure 3.7). For example, a
wedge with a height to span ratio of 0.9:1,
Figure 3.7: Effect on wedge stability of small amounts of con- as shown in Figure 3.7, can be fully stabilized over a span of 10 m by only 0.5 MPa
fining/horizontal stress
of horizontal stress acting across the back
(friction angle of 45° is representative for moderately rough, planar joints). In fact, for any isolated drift of
standard geometry (circular, rectangular, arched) with a span of 10 m at a depth of more than 40 m in undisturbed or unfaulted ground, a roof wedge with a cone angle of less than the friction angle (average joint dip
steeper than friction angle) will be inherently stable. This rule of thumb is illustrated in Figure 3.8.

Figure 3.8: Identification on lower hemisphere stereo nets of clamping stability for simple wedges: (a)
shallow wedge released in all conditions; (b) wedge with apex angle close to friction angle - stable if confined; (c) steep wedge stable unless relaxation is extreme (after Diederichs 1999)
This stabilizing confinement, however, can be lost in situations where: a stope is mined near the drift; a
shallow fault is nearby; an intersection is created; or in a sill undergoing active mining (Figure 3.9). Such
geometry- or structurally-induced relaxation may also lead to delayed failure and can be particularly dangerous in active mining areas.
For tunnel intersections, horizontal confinement loss is induced by a disruption of stress flow in two directions, not just around the initial drift. Intersections at depth also increase midspan displacement (elastic
displacement in an intersection is 1.5 to 2-times the initial roof displacement). This additional deflection
increases the zone of tension or relaxation in the roof at midspan allowing larger joint defined blocks to be
released as shown in Figure 3.10. For this reason, intersections often require substantially higher support
capacities, i.e., cablebolting. Discrete wedge identification or a semi-empirical approach to structural hazard
assessment, taking relaxation into account is a prudent measure when designing intersections (Diederichs et
al. 2000).
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Figure 3.9: Relaxation or equivalent elastic tension (negative values (MPa)) in an access drift
after nearby mining (left), adjacent to a new mining panel (top-right) and above an intersection
(lower-right). Such relaxation can lead to wedge fallout or rockmass instability.

Figure 3.10: Increased roof deflections due to intersection creation (left) with consequent increase in
zone of lateral extension or relaxation (right)
3.2.2

Drift instability in highly stressed ground
In highly stressed ground, failure around a tunnel is initiated by localized yield or by spalling or slabbing when the tangential stresses near an excavation exceed the rock mass strength. In mining, most tunnels
are of rectangular shape with slightly arched backs and stress raisers, at sharp corners of excavations, often
initiate this spalling process (Figure 3.11). Semi-circular fractures propagate until a more stable (nearly circular or elliptical) excavation shape is established. The detached material between the excavation boundary
and the fractures emanating from the stress raisers is called “baggage” (Kaiser and Tannant 1999) because it
needs to be held in place unless it is removed to create a geometrically more stable excavation shape (arched
backs). Vasak and Kaiser (1995) corroborated numerically that this baggage formation is inevitable at depth
for openings and pillars with sharp corners and that this instantaneous process is distinct from the subsequent
progression of damage beyond this baggage zone. Martin et al. (1999) explored and provided guidelines for
conditions when arched backs should be adopted. They showed that flat roofs are more stable at intermediate in situ stress conditions while arched backs are beneficial at great depth, because the demand on the support is reduced as the baggage is eliminated or at least significantly reduced. However, if the stress
concentration near the curved wall exceeds the rock mass strength failure will further propagate until a new
equilibrium is reached at some depth of failure df (see insert in Figure 3.11).
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Attempts to predict either the onset of this brittle failure process or the
maximum depth to which the brittle
failure process will propagate, using
traditional failure criteria based on frictional strength models, have not met
with much success (Wagner 1987; Castro 1996; Grimstad and Bhasin 1997;
Diederichs 1999).
One approach,
which attempts to overcome this deficiency, is to model the failure process
progressively by using iterative elastic
analyses and conventional failure criteria. The initial zone of failure is removed, and the analysis is then
repeated based on the updated tunnel
geometry. This incremental excavation
Figure 3.11: Baggage formation by curved fracture propagation
sequence is intended to simulate the
from stress raiser (corner of excavation)
progressive nature of brittle failure.
However, this process is not self-stabilizing, and as a result, over-predicts the depth of failure by a factor of 2
to 3. Pelli et al. (1991) found that localized failure could only be properly predicted if unusually low m- and
high s-values (Hoek-Brown parameters) were adopted in numerical failure simulations.
Martin and Chandler (1994) demonstrated in laboratory experiments that in the brittle failure process
peak cohesion and friction are not mobilized together and that most of the cohesion is lost before peak friction is mobilized. They postulated that around underground openings the brittle-failure process is dominated
by a loss of the intrinsic cohesion of the rock mass such that the frictional strength component could be ignored. This eventually lead to the development of brittle parameters for the Hoek-Brown failure criteria
(Martin et al. 1999). The applicability of this approach as a general criterion for estimating the depth of brittle failure is illustrated here for tunnels and in the following section for pillars. It was also demonstrated that
it is applicable to dynamic loading conditions, i.e., to predict the depth of failure during rockbursts (Vasak
and Kaiser 1995).
By analysing case studies of observed depth of failure from excavations damaged by rockbursts (Kaiser
et al. 1996) and from tunnels around the world failing in a progressive, non-violent manner (Martin et al.
1999), an empirical relationship between the depth of failure and the stress level was established for brittle
rock. These studies show that the depth of failure normalized to the tunnel radius a is linearly proportional
to the normalized stress level σmax/σc, as summarized by Equation 3.3. In this ratio, σmax is calculated as the
ratio of maximum tangential stress at the wall of a circular opening, placed at the drift location and in the
same in situ or mining-induced stress field. This value is divided by the laboratory uniaxial compressive
strength σc.

df
a

= 1.25

σ max
− 0.51 ± 0.1
σc

(Martin et al. 1999)

(Eqn 3.3)

The stress level defined in this manner is identical to the stress concentration factor SCF introduced by
Wiseman (1979). Figure 3.12 presents the data used to arrive at the linear best fit represented by Equation
3.3.
It is of practical importance to realize that in hard rock σmax and therefore the depth of failure is insensitive to the support pressure applied at the excavation wall (for an extreme support pressure of 2 MPa the
depth of failure is only reduced by 2 to 3%).
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Martin et al. (1999) demonstrated using PHASE2™2 that
this empirical relationship (Eqn
3.3) could be predicted utilizing
the proposed brittle HoekBrown parameters (m = 0; s
= 0.11) in elastic numerical
models (Figure 3.12).
Utilizing equivalent brittle
parameters (φ = 0 and a rock
mass strength q = σc s ), this
interdependence can also be
predicted for tunnels in deviatoric stress fields with the
closed-form solutions presented
by Detournay and St. John
Figure 3.12: Depth of failure data compared to predictions utilizing brit(1988). Figure 3.12 illustrates
tle rock parameters (m or φ = 0)
for a range of Ko = 2 to 5 that
the maximum depth of failure is
insensitive to the stress ratio. Only for
high stress levels (>0.8), does the empirical relationship (Eqn 3.3) tend to
underestimate the depth of failure. On
the other hand, the depth of failure predicted by Detournay and St. John (1988)
is under-predicted by about 50% if conventional parameters with friction angles on the order of 30 to 45° are
applied.
Dynamic loading of an excavation
can drastically enlarge the depth of failure, i.e., during strain bursts induced by
dynamic stress increments. When a
dynamic wave propagates through rock,
Figure 3.13: Example of predicted or simulated dynamic deepen- it induces a stress change that is magniing of depth of failure as a function of ground motion level (peak fied by the excavation. The effect of
particle velocity ppv = 0 to 3 m/s) at the location of a drift; n = 4 this dynamic stress wave can be predicted by superimposing static and dycos θ, a factor that depends on incident angle θ, and cs = shear
namic tangential stresses (Kaiser et al.
wave propagation velocity (after Kaiser et al. 1996)
1996). Figure 3.13 illustrates this for a
specific example whereby theoretical predictions of depth of failure are compared with results from FLAC™3
modelling.
Using the empirical or analytical depth of failure relationships presented earlier in combination with the
method introduced in Section 2 for mining-induced stress level calculation, this provides an effective means
to assess the impact of stress and stress change on the stability of a tunnel in highly stressed ground. Figure
3.14 shows the depth of failure chart, rotated to align with the stress level axes of the principal stress space.
Also shown here is the stress state of the example introduced in Section 2. When a stress path exceeds both,
the damage initiation threshold (m = 0) and the spalling limit σ1/σ 3 > 10, the severity of instability is reflected by the corresponding depth of failure. The dashed arrows indicate how the maximum depth of failure
2

Available from Rocscience Inc., 31 Balsam Ave., Toronto, Ontario, Canada M4E 3B5,
http://www.rocscience.com
3
Available from Itasca Consulting Group, Inc.708 South Third Street, Suite 310 Minneapolis, MN 55415,
USA, http://www.itascacg.com
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increment ∆df is obtained for an excavation experiencing mining-induced stress change ∆σ. For the scenario
introduced in Section 2, the depth of failure would increase due to mining-induced stress change by more
than threefold from 0.2 to 0.7.

Figure 3.14: Depth of failure chart (Figure 3.12) combined with stress space chart (Figure 2.10)
3.2.3

Estimation of shaft overbreak
A practical application of the depth of failure logic developed above is the estimation of the breakout
area that will evolve around a borehole, tunnel or shaft. For example, a 9.5 m diameter concrete lined shaft
is being considered for a deep mine in the Canadian Shield. One of the concerns for the shaft is the extent
and depth of spalling failure that can
be expected, as this void will have to
be replaced with concrete. Two approaches were used to estimate the
possible extent of this failure: (1) well
bore breakout data from acoustic
televiewer logs and (2) the depth of
failure logic.
From acoustic televiewer surveys carried out in the vicinity of the
future shaft, the cross-sectional area
of breakout was determined and normalized to the borehole crosssectional area based on a nominal
borehole diameter of 76 mm. This
was then compared to the depth of
Figure 3.15: Comparison of overbreak area estimates using depth
of failure logic (Eqn 3.3) and measured overbreak from televiewer failure relationship given by EquaKaiser et al. – GeoEng2000
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tion 3.3 assuming a typical in situ stress relationship with depth for the Canadian Shield (Herget 1993). The
estimated depth of failure assumes that the breakout has a triangular shape and is constrained by Equation
3.3 and the breakout angle θ. Figure 3.15 compares the results from both approaches. Experience from tunnels suggests that the breakout angle can range from 30 to 60° while the televiewer logs recorded an average
breakout angle of 40°. Despite the difference in the diameters of the borehole (76 mm) and the tunnel (9500
mm), both methods show the same trend with the borehole providing a lower bound estimate. For a 10 m
diameter shaft, advanced to a depth of 2500 m, this suggests that about 30,000 tonnes of extra muck would
have to be hoisted and the cost of extra concrete would be on the order of one million dollars (assuming
$100/m3 for in-place concrete).
3.3

Pillar design
Pillars can be defined as the rock between two or more underground openings. Hence, all underground
mining methods utilize pillars, either temporarily or permanently, to safely extract ore. Observations of pillar failures in Canadian hard rock mines indicate that the dominant mode of failure is a progressive slabbing
and spalling process, suggesting that pillars should be designed by application of the brittle rock parameters
introduced earlier . The design of pillars in these rock masses can follow three approaches:
- attempt to numerically simulate the slabbing process using appropriate constitutive models;
- use empirical pillar stability graphs and pillar formulae; and
- select a rock mass strength criterion based on an evaluation of rock mass characteristics and calculate the pillar strength to stress ratio at each point using continuum models.
Here, we will focus on the second and third approach, particularly using the recently developed Geological
Strength Index GSI and the Hoek-Brown failure criterion. Case studies from the Elliot Lake uranium mines
are used to demonstrate that the conventional Hoek-Brown parameters based on GSI do not accurately predict the strength of hard rock pillars, but the brittle Hoek-Brown parameters (mb = 0, s = 0.11) do show good
agreement with observations. It will be demonstrated that the conventional Hoek-Brown failure envelopes
over predict the strength of hard-rock pillars because the failure process is fundamentally controlled by a
cohesion-loss process in which the frictional strength component is not mobilized. As explained earlier, this
process is not reflected in the conventional Hoek-Brown strength parameters and therefore does not properly
simulate the near wall slabbing process.
3.3.1

Pillar failure observations

The Elliot Lake uranium orebody was actively
mined from the early 1950s through to the mid
1990s. The shallow (10 to 20°) dipping tabular deposit was characterized by uranium bearing conglomerates separated by massive quartzite beds 3 to 30 m
thick (Hedley and Grant, 1972; Coates et al. 1973).
Mining was carried out using room-and-pillar and
stope-and-pillar methods. An example of room-andpillar mining with trackless equipment is given in
Figure 3.16. At Elliot Lake, the mine was laid out
with long (76 m) narrow rib pillars formed in the dip
direction.
Pritchard and Hedley (1993) compiled, via detailed mapping, the progressive nature of hard-rock
pillar failure that was observed in the Elliot Lake
Figure 3.16: Illustration of the room-and-pillar
mines (Figure 3.17). Their observations clearly show
mining method. In order to use trackless equipment, transport drifts must cut across the orebody if the initiation of spalling and the gradual loss of the
pillar's load carrying capacity as the pillar developed
the dip exceeds 20%.
an hourglass geometry. They suggested that the peak
strength of the pillar was reached by Stage II in Figure 3.17 when axial splitting, i.e., extension fracturing of
the pillar, was observed. Furthermore, they noted that in the early (pre-peak strength) stages of pillar failure
at Elliot Lake stress-induced spalling, dominated the failure process while in the latter stages (post-peak
strength), after spalling had created the typical hour-glass shape, slip along structural features such as bedKaiser et al. – GeoEng2000
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ding planes and joints played a more
dominant role in the failure process.
These observations are in keeping with
the laboratory findings of Hudson et al.
(1972) and Martin and Chandler (1994)
who demonstrated that the development
of the shear failure plane in laboratory
samples also occurs after the peak
strength is reached. Numerical crack accumulation and interaction studies by
Diederichs (1999) show consistent results.
3.3.2

Empirical pillar strength formulas
Following the Coalbrook disaster of
1960,
in which the collapse of 900 pillars
Figure 3.17: Observations and illustration of the progressive
resulted in the loss of 437 lives, a major
nature of hard-rock pillar failure (sketches from Pritchard and
coal-pillar research program was initiated
Hedley (1993))
in South Africa.
Using the backcalculation approach Salamon and Munro (1967) and Salamon (199) analyzed 125 case histories involving
coal pillar collapse and proposed that the coal-pillar strength could be adequately determined using the
power formula:
α

σ p = K WH β

(Eqn 3.4)

where σp (MPa) is the pillar strength, K (MPa) the strength of a unit volume of coal, and W and H are the
pillar width and height in metres, respectively. The notion that the strength of a rock mass is to a large part
controlled by the geometry of the specimen, i.e., the width to height ratio, has since been confirmed by extensive laboratory studies, e.g., Hudson et al. (1972) and Ormonde and Szwedzicki (1993).
One of the earliest investigations into the design of hard-rock pillars was carried out by Hedley and
Grant (1972). They analyzed 28 rib pillars (3 crushed, 2 partially failed, and 23 stable) in massive quartzite
and conglomerates in the Elliot Lake room and pillar uranium mines. Since 1972 there have been several
additional attempts to establish hard rock pillar strength formulas, using the back calculation approach.
These are summarized in Figure 3.18 showing the predicted pillar strength from the various formulas using a
pillar height of 5 m. The pillar strengths in Figure 3.18 have been normalized to the laboratory uniaxial compressive strength σc.
What is surprising, and must be conceptually incorrect, is that all pillar strength equations have an asymptotic strength value as the pillar width to height ratio increases. Clearly very wide pillars should have
very high strength and the curvature
should be convex upward. The asymptotic shape, however, makes sense if it is
assumed that stability of pillars is actually
defined by the severity of failure at the
pillar wall, i.e, the pillar skin behaviour.
By utilizing the maximum pillar skin
stress calculated by Obert and Duvall
(1967) for rib-pillars as a function of pillar stress and introducing them in Equation 3.3 (with a = H/ 2 ), the pillar stress
for a given depth of failure normalized to
the pillar height H can be obtained. Lines
of constant depth of failure normalized to
the pillar height are shown in Figure 3.19
together with data of Lunder and Palkanis
Figure 3.18: Comparison of various empirical hard rock pillar
(1997). The shape of these curves is also
strength formulas
Kaiser et al. – GeoEng2000

3.11

asymptotic and similar to those
provided by most pillar equations.
These considerations illustrate that
the various pillar equations actually
provide empirical guidelines to ensure that the stresses at the pillar
wall are not excessive, i.e., that the
depth of spalling is limited such
that there remains some loadbearing core in the pillar. According to Figure 3.19, two narrow pillars were classified as “failed”
when the depth of failure reached
20 to 35% of H. Most pillars rated
as “unstable” or “failed” fall beFigure 3.19: Comparison of data and selected empirical pillar equayond an estimated depth of failure
tions with predicted depth of failure df/H (valid for rib-pillars only)
of 50% of the pillar height. The
and zone of predicted near-zero pillar core width (shaded area)
upper bound to the group of “unstable” pillars can roughly be described by a predicted depth of failure equal to the height of the pillar (not
shown because it implies through-going spalling for W/H < 2).
Furthermore, the width of the non-failed pillar core Wc can be estimated as (W-2df), ignoring the fact
that some stress redistribution occurs. The predicted range of near zero core width, i.e., when the spalling
process reaches the center of the (rib-) pillar, is shown in Figure 3.19 by the shaded zone. It can be seen that
all but a few cases of pillars rated as “failed” or “unstable” fall above this zone. It follows that the depth of
failure equation (Eqn 3.3) can therefore be used to assess pillar failure. When the calculated depth of failure
reaches half the pillar width, the pillar must be rated as unstable with a high potential for complete failure.
3.3.3

Pillar strength using Hoek-Brown brittle parameters
In the following, the Hoek-Brown brittle parameters, mb = 0 and s = 0.11, introduced by Martin et al.
(1999) will be adopted to further investigate pillar stability. The fundamental assumption in using these brittle parameters is that the early stages of failure is dominated by cohesion loss associated with rock mass fracturing, and that the confining stress dependent frictional strength component can be ignored, as it cannot be
mobilized when hour-glassing occurs. This approach is clearly not applicable to simulate the final stages of
failure in wide pillars where the frictional strength component can be mobilized and dominates the behaviour
of the core of a pillar.
Martin and Maybee (2000) used PHASE2 and the Hoek-Brown brittle parameters to evaluate pillar stability over the range of pillar W/H-ratios from
0.5 to 3. The analyses were carried out using
a constant horizontal to vertical stress ratio of
1.5 and the results are presented as heavy,
solid lines in Figure 3.20 for a Factor of
Safety FOS equal to 1 and 1.4. A pillar was
considered to have failed when the core of the
pillar had a FOS = 1. The same approach was
used to establish when the pillar core reached
a FOS = 1.4. The empirical pillar strength
formulas of Hedley and Grant (1972) and
Lunder and Palkanis (1997) as well as the database of Lunder and Palkanis (1997) are
shown in Figure 3.20 (Note: beyond a pillar
W/H-ratio of 2.5 there are no recorded pillar
failures).
According to Figure 3.20 there is only a
Figure 3.20: Comparison of the pillar stability graph and
small deviation between the predicted FOS
PHASE2 modeling results using the Hoek-Brown brittle
= 1 line using the Hoek-Brown brittle parameparameters (modified from Martin and Maybee (2000))
Kaiser et al. – GeoEng2000
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ters and the empirical stability lines proposed by Hedley and Grant (1972) and Lunder and Palkanis (1997)
for pillars with W/H of 0.5 to 1.5. However, for wider pillars, W/H of 1.5 and 2.5, the empirical formulas
suggest only a modest increase in pillar strength whereas the predicted brittle stability line suggests a significant increase in pillar strength. This predicted increase in pillar strength is more in keeping with observations as the number of pillar failures decreases significantly once the pillar W/H-ratio increases beyond 1.5.
Most importantly, in contrast to the empirical stability lines for pillars with W/H < 0.75, the predicted pillar
strength is essentially constant. This is consistent with field observations, except for special cases of pillars
subjected to shear loading as discussed in the following section.
3.3.4

Strength of pillars under inclined loads
The Quirke Mine, which was brought into production in 1969, was one of several mines in the Elliot
Lake Camp that used room-and-pillar stoping to
extract the dipping uranium bearing reefs to
depths of 1050 m. Figure 3.21 shows the general arrangement of the stopes and rib pillars
(Hedley et al. 1984). The reefs were 3 to 8 m
thick and dipped to the south at approximately
20°. Coates et al. (1973) reported that the uniaxial laboratory strength of the reefs and the
massive quartzite that overlay and underlay the
reef averaged 230 MPa. They also reported that
in the east-west direction (strike) the horizontal
far-field in situ stress is 2 to 2.5-times the vertical stress and in the north-south direction (dip)
the horizontal far-field in situ stress is about 1.5Figure 3.21: Stope and pillar layout at Quirke mine
times the vertical stress.
The rock mass quality of the pillars in the Quirke mine can be classified as Very Good Q’= 40 to 100
(C. Pritchard, pers. comm.). Hoek and Brown (1998) suggested that the Geological Strength Index GSI can
be related to Q' by:
GSI = 9 ln Q' + 44

(Eqn 3.5)

indicating that the rock mass strength can be characterized by GSI ranging from 77 to 85. A GSI-value of 80
was used to establish the parameters for the Hoek-Brown failure criterion (Table 3.1) for the Quirke mine
pillars.
In 1978, a trial trackless area was mined out as shown in the center of Figure 3.21 and illustrated by
Figure 3.16. Shortly after mining of the stopes in the trackless area started, deterioration of surrounding pillars was observed and some 13 months later rockbursting began. Hedley et al. (1984) provides a detailed
account of the rockburst history and mining sequence. For the most part, there was a gradual deterioration of
the pillars oriented along the strike of the orebody near the trackless area, similar to that described in Figure
3.21. Pillars that were oriented in the dip direction of the orebody remained relatively stable.
The Quirke mine pillars typically have W/H-ratios varying from 0.5 to 1.7 and dip at 20°. To examine
the effect of this inclination on pillar strength, a
Table 3.1 Parameters used in the PHASE2 modelling to
series of elastic analysis were carried out using
estimate the strength of the Quirke mine pillars assumthe Hoek-Brown parameters given in Table 3.1
ing an elastic brittle response.
and the Hoek-Brown brittle parameters. Figure
Parameter
Description Value
3.22 shows the results for rib-pillars oriented
Rock type
Quartzite
parallel to the dip of the orebody with maximum
stress horizontal. Both failure criterion indicate
Intack rock strength
σci = 230 MPa
that these dip pillars are stable.
Geological Strength Index
GSI = 80
Figure 3.23 shows the numerical modeling
Hoek-Brown constants
mi = 22
results for the pillars oriented parallel to strike
mb = 10.7
compared to the pillar failure observations made
s = 0.108
by Pritchard and Hedley (1993). For these
mr = 1
strike pillars, the traditional Hoek-Brown criterion predict that the strike pillars are also stable
sr = 0.001
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while the Hoek-Brown brittle parameters clearly show that the strike pillars are unstable. Note that the
Hoek-Brown brittle parameters show the initiation of failure in corners of the pillars in keeping with the observations reported by Pritchard and Hedley (1993). This example nicely illustrates the difficulties of using
the traditional Hoek-Brown parameters for assessing brittle failure and the success of the Hoek-Brown brittle
parameters in matching field observations.

Figure 3.22: Comparison of the pillar factor of
safety using the Hoek-Brown conventional parameters (mb = 10.7, s = 0.11) and the HoekBrown brittle parameters (mb = 0, s = 0.11)
From a practical perspective, this example illustrates
that the pillar strength can be significantly reduced when,
during late stage mining, relative movements of hangingwall and footwall inflict shear stresses on pillars. We suspect that several of the pillars with data points that fall
below the predicted failure curves in Figure 3.20 were affected by shear. Furthermore, for wide pillars with W/H
> 2, this study shows that pillar stability is dominated by
skin failure, a fact that should be taken into account when
designing wide pillars and when estimating energy release
values for pillar bursts. In other words, bursts of wide pillars may not involve the entire pillar but only the skin of
the pillars.

Figure 3.23: Comparison of observed pillar
failure with predicted failure (factor of safety
less than 1) using Hoek-Brown conventional
parameters (mb = 10.7, s = 0.11) and brittle
parameters (mb = 0, s = 0.11)

3.4

Rockbursting
When mining in hard brittle rock under high stress, rock will tend to fail in a violent manner; i.e., it will
burst. A rockburst is defined as damage to an excavation that occurs in a sudden or violent manner and is
associated with (not caused by) a seismic event. There are basically three classes of rockbursts: (1) fault
slip, (2) pillar, or (3) strain bursts.
1. Fault slip burst – is a rockburst caused by the sudden, earthquake-like movement along a weakness
in the rock mass (e.g., a fault) that causes a sudden change in the stress field within the volume of
influence and radiates energy in the form of ground vibration. Unless a fault intersects an excavation, damage is triggered or caused by (1) stress-induced failure due to a dynamic stress increment,
(2) acceleration of marginally stable rock blocks, called seismically-induced ground falls, or (3) energy transfer to such blocks causing rock ejection.
Kaiser et al. – GeoEng2000
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2. Pillar burst – occurs when static or dynamic stresses exceed the rock mass strength and lead to the
sudden failure of an entire pillar or part of a pillar; its skin.
3. Strain burst – is encountered when static or dynamic stresses exceed the rock mass strength in the
wall of an excavation. In this case, the damage consists of the brittle, violent failure of the unsupported or supported rock mass near the excavation wall. The term “brittle” implies that failure is
associated with a sudden loss of rock mass strength near the excavation and the term “violent” implies that energy is released during this failure process. For civil engineering applications, this
class of rockburst is most relevant.
From an engineering perspective, however, this classification is not very useful as it mixes causes and
effects, and often implies a measure of severity that is not relevant from an excavation design perspective.
Fault slip may be the cause for a seismic event but a pillar or a strain burst could be the consequence of engineering significance. Fault slip events are often most violent in terms of event magnitude but a pillar burst
may be most damaging to an underground excavation.
For tunnelling, it is more meaningful to categorize rockbursts by trigger mechanism, damage mechanism and severity.
3.4.1

Rockburst trigger mechanisms
There are two trigger mechanisms for rockbursts:

1. Remotely triggered rockburst - where a remote seismic event, e.g., an earthquake or a fault slip
event, triggers and causes damage to an excavation at another location; and
2. Self-initiated rockburst – where the seismic event and the damage location are essentially identical.
The first type occurs in seismically active regions or in mining and is discussed by Gürtunca and Haile
(1999). In the following, we focus primarily on the second type, the self-initiated rockbursts. These rockbursts occur when the stresses near the boundary of an excavation exceed the rock mass strength, and failure
proceeds in an unstable or violent manner. Failure is sudden and violent if the stored strain energy in the
rock mass is not dissipated during the fracturing process. This occurs when the stiffness of the loading system is softer than the post-peak stiffness of the failing rock (Jaeger and Cook (1969); Brady and Brown
(1993)). In general, pillars with low W/H- ratio are loaded by a soft loading system where the imposed deformation was excessive relative to the deformation needed to fail the pillar wall.
Whether self- or remotely triggered, the rock fails when stresses exceed the strength. The stresses causing failure may be a combination of some or all of the following:
- gravitational stresses,
- excavation-induced stresses
- dynamic forces due to ground vibrations (inertial forces during acceleration or deceleration), and
- dynamic stress increments due to dynamic straining of the ground (caused by strain waves).
When these stresses exceed the capacity of the unsupported or supported rock, even temporarily, failure
is initiated or triggered. Hence, the potential for rockbursting is best defined in terms of the stress level (or a
stress-to-strength ratio, i.e., σwall/σc = σmax/σc; see earlier).
3.4.2

Rockburst damage mechanisms
When failure is initiated, three distinct damage mechanisms may be encountered as illustrated by
Figure 3.24 and described in more detail by Kaiser et al. (1996):
1. Seismically induced rock falls (or falls of ground) caused by seismic shaking, which creates
acceleration-enhanced gravitational forces. This mechanism is most critical when marginally stable
conditions exist, e.g., due to the forming of wedges by continuous geological structures. Increasing
the holding capacity of the support can stabilize them.
2. Fracturing with rock mass bulking – occurs when static and dynamic stresses exceed the rock mass
strength. In brittle rock, fracturing of the rock mass around an excavation is associated with a sudden volume increase or bulking of the failing rock. This bulking can be reduced by rock reinforcements as discussed earlier but the support system must also include deformable retaining and
holding components to prevent unraveling of the broken rock between bolts.
3. Ejection of rock – can be caused by two mechanisms. For rockbursts triggered by a remote event,
energy can be transferred from the seismic source to a marginally stable block of rock near an exKaiser et al. – GeoEng2000
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cavation (momentum transfer). This type of failure has been identified as a frequent cause for damage in deep South African mines (e.g., Gürtunca and Haile (1999)). During a self-initiated
rockburst, part of the strain energy stored in the failing rock annulus may be converted to kinetic
energy, leading to rock ejection.
3.4.3

Rockburst damage severity
Once failure is triggered, the severity of the damage depends on two factors: (1) the volume of rock involved in the failure process and (2) the energy that is released during the failure process (Aglawe 1999).
The latter provides a measure of the violence of failure. The volume of failing rock depends on the extent of
the excessively stressed zone of
rock around an excavation or the
depth of failure, and the releasable
energy depends both on the stress
<0.25m
at failure and the system response
Minor
seismicallyor the system stiffness during failinduced fall
ure.
Because of the limited ability
of rock support to resist rockburst
damage, and the large amounts of
energy that can be stored in hard
<0.75m
Moderate
rock under high stress, it takes
rock fracture
relatively little failing rock to crewith dilation
ate conditions that classify as severe from a practical perspective.
Failure around tunnels involving
less than a 0.25 m thickness of
fractured rock classify as minor
block
<1.5m
damage; those involving about
Severe
ejection
0.75 m of failing rock as moderate
damage, and those involving on
the order of 1.5 m or more as severe damage (Figure 3.24(b)).
The justification for this rating is
(a)
(b)
given in Kaiser and Tannant
Figure 3.24: (a) Rockburst damage mechanisms; (b) Levels of rock(1999). It is largely guided by the
burst damage severity (thickness of rock loosened or fractured is
maximum capacity of economishown by arrows)
cally feasible support systems.
3.4.4

Violence of failure
The violence of failure in terms of energy release can be described either by the ejection velocity or the
energy content of a volume of rock that is ejected. Since the kinetic energy must be dissipated by the rock
support, it is more meaningful to consider the energy content per square metre of tunnel wall. Burst-resistant
rock support systems typically have energy dissipation capacities between 5 and 20 kJ/m2 with a practical
maximum of about 50 kJ/m2 (Kaiser et al. 1996).
The energy for rock ejection is some percentage of the total releasable energy of the failing rock annulus near the tunnel wall. The releasable energy is the total stored strain energy that is released if a block of
rock is removed and includes the strain energy from within the block and from the surrounding rock mass. It
depends on the stress level, the system stiffness (Aglawe 1999), and the volume of the failing rock, which is
defined by the depth of failure df. Because the depth of failure is proportional to the tunnel radius for a given
stress level, it follows that the releasable energy per unit area of tunnel wall increases as the tunnel size increases. Hence, larger tunnels require support with a higher energy dissipation capacity (Kaiser and Tannant
1999). For typical tunnel sizes and from an energy dissipation point of view, severe rockburst conditions
can be expected when the failure depth exceeds 1.5 m. This provides the third justification for the severity
classification presented in Figure 3.24(b).
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3.5

Summary
Two modes of failure dominate the stability of deep underground excavations in hard rock: (1) stressinduced failure causing slabbing and spalling, and (2) rock mass relaxation promoting gravity-driven failures. Recognizing each mode of failure requires an understanding of the stress path the underground opening will follow.
It is shown that the depth of stress-induced failure can be estimated by setting the Hoek-Brown strength
parameters to their so-called brittle values (m = 0, s = 0.11 to 0.25). The s-values for the brittle parameters
should be calibrated with actual failures. The m = 0 approach can be used to estimate the depth of failure
from both the static and dynamic loading of brittle failing rock. Furthermore, it is also demonstrated that
these parameters can be used to assess the stability of pillars when uniaxially loaded or stressed by inclined
loads. This practical approach to determine the extent of stress-induced spalling captures the fundamentals
of brittle failure described in Section 2.
Strainbursts are defined as damage to an excavation resulting from a violent release of stored strain energy. The amount of damage is a function of the tunnel size and the stress magnitude. From an energy dissipation point of view, considering the maximum capacity of practically feasible support systems, severe
rockburst conditions can be defined as conditions when the failure depth exceeds 1.5 m.
All rock masses contain fractures at some scale. If these fractures are not tightly clamped failure
around the underground opening is dominated by gravity-driven relaxation of loose blocks. At depth, the
shape of the underground opening can promote this rock mass relaxation. The importance of boundary parallel confining stress loss and the destabilizing impact of abutment relaxation on structurally dominated or
laminated rock masses is highlighted. Such relaxation can be taken into account using existing empirical
tools modified for use in relaxed ground. Recognition of the impact of confinement loss is particularly critical when assessing the stability of inclined stope walls, drift intersections and areas of complex and reentrant
excavation geometry.
It should be noted that, fundamentally, failure around underground openings occurs where the confining stresses are very low or tensile. Hence, the stability criteria discussed in this section are restricted to
predict the behaviour of underground openings. Furthermore, the content of this and the companion sections
are restricted to hard, brittle failing rock where elastic stress calculations provide an accurate measure of induced stress conditions and where progressive spalling is the dominant failure mechanism.
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4.1

4

SUPPORT OF HIGHLY STRESSED EXCAVATIONS

In highly stressed ground, rock support needs to control the failure process. However, it must be recognized that the strength of the support, e.g., concrete, is lower than the strength of the hard rock. Hence, control of the failure process basically means retention of the self-supporting capacity of the broken rock near
the excavation without attracting undue stresses to the support components. For this and other reasons, rock
support systems frequently consist of various elements, such as bolts, mesh, shotcrete, spray-on liners, etc.,
each fulfilling a different function.
When mining at depth in hard rock, failure often occurs in a violent manner in the form of strainbursts
or seismically induced falls of ground. Hence, rock support needs to resist both static and dynamic loads.
The interested reader is referred to the Canadian Rockburst Support Handbook (Kaiser et al. 1996) for a detailed treatment of support design in burst-prone ground. In this section, the authors primarily address two
support design issues related to static loading: 1) support of highly stressed ground, i.e., control of the stressinduced fractured rock inside the depth of failure zone, and 2) support of relaxed ground, i.e., structurally
controlled modes of failure and failure of pre-conditioned or stress-damaged ground due to mining-induced
relaxation.
4.1

Design considerations

4.1.1

Support functions
Support systems are commonly comprised of various support components: bolts, mesh, shotcrete, sprayon linings, etc. Bolts are used to hold rock in place or to reinforce the rock mass; mesh is used to retain loose
or broken rock; and shotcrete fulfils a combination of these functions. It holds by adhesion; strengthens the
rock by preventing relative movements at the shotcrete/rock interface; and acts as a “supermesh” by providing a stiff retaining component with substantial
bending or flexural capacity. The role each element
plays is complex and depends on the ground-support interaction behaviour (McCreath and Kaiser 1992).
Each support component in a support system is intended to perform one of the three functions illustrated in
Figure 4.1: (1) reinforce the rock mass to strengthen it
and to control bulking, (2) retain broken rock to prevent
key block failure and unravelling, and (3) hold key
blocks and securely tie back the retaining element(s) to
stable ground. While each support element may simultaFigure 4.1: Three primary functions of support
neously provide more than one of these functions, it is
elements (Kaiser et al. 1996)
convenient to consider each function separately:
1. The goal of reinforcing the rock mass is to strengthen it, thus enabling the rock mass to support itself
(Hoek and Brown 1980). Reinforcing mechanisms generally restrict and control the bulking of the
rock mass, thus ensuring that interblock friction and rock mass cohesion are fully exploited. Typically, reinforcing elements such as grouted rebars or dowels behave as stiff support elements, but
other types, such as Split Sets, yielding Swellex or cone bolts, behave as ductile or yielding elements
under high stress or deformation conditions.
2. While retaining broken rock at the excavation surface may be required for safety reasons, it may also
become essential under high stress conditions to avoid the development of progressive failure processes that lead to unravelling of the rock mass. Qualitative observations indicate that full aerial coverage by retaining elements becomes increasingly important as the stress level increases (McCreath
and Kaiser 1992). Retaining elements may be either stiff or strong, such as a cast concrete liner or a
closed-ring shotcrete membrane, or they may be soft and able to yield, such as chain-link or weldedwire mesh, or isolated, slotted or flat shotcrete panels. Certain elements may undergo a transition
from stiff to ductile behaviour at large differential displacements, (e.g., mesh-reinforced shotcrete).
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3. The holding function is needed to tie the retaining elements of the support system back to stable
ground, and to prevent gravity-driven falls of ground. Under certain conditions, a high strength anchorage into deeper-lying stable rock can provide this function, such as grouted cablebolts or resingrouted dowel. However, under conditions of large imposed (relative) displacements between the
anchor and the head of the holding element, a yielding element is required. The ability to yield may
be enhanced by a special sliding mechanism (e.g., cone bolt or Split Set), by a highly ductile material
(e.g., yielding SuperSwellex), or by a combination of both.
These three support functions gain increasing importance as the ground conditions worsen. For example, in good rock and at low stress, the holding and reinforcement functions are most important whereas in
fair to poor rock, all three functions must be integrated (Figure 4.2). At intermediate to high stress, the retaining function is always required. This is automatically realized when appropriate stress reduction
factors are used to characterize the ground (refer
ahead to Figure 4.33 for details). In very poor
ground (Q < 1; Barton et al. 1974) large deformations must be anticipated and support components
must retain their functionality over a large displacement range. In other words, the support must have
superior yielding characteristics. Again, in highly
stressed ground this zone may be reached in ground
that would be characterized as good or excellent under low stress conditions. In the domain requiring
yielding support, it is necessary to design the support
system such that it can yield without building up
excessive stresses but, most importantly, the support
system must contain reinforcement elements that
Figure 4.2: Support functions within stability graph
control the bulking process.
for excellent to very poor rock.
When designing support for mines, it must be
Arrows indicate that the required support functions
recognized that mining-induced stresses alone can
are cumulative, i.e., for poor ground, the support
needs to hold, reinforce and retain, and for very poor reduce the rock mass quality index (e.g., Q) from its
ground, the support must fulfill these three functions virgin state by more than one order of magnitude,
thus changing the support function requirements in
while yielding.
otherwise identical rock conditions. To define an
appropriate support function for mining applications or for any excavation with complex geometry, it is
therefore paramount to select a stress reduction factor (Barton 1994) that takes mining-induced stresses rather
than the in situ stresses into account (for details see Figure 4.35).
4.1.2

Support functions of shotcrete
Directly or indirectly, shotcrete can contribute to all three support functions noted above but only if
properly integrated into the support system:
1. Holding - shotcrete resists load by adhesion, thrust and bending resistance. If shotcrete forms a continuous support arch or ring, it can hold rock in place by building thrust forces in the arch and if it
adheres well to the rock mass, its holding capacity is substantially increased by the combined arching
action of rock and shotcrete.
2. Reinforcement - shotcrete as a surface support component does not directly reinforce rock. However, if we define the effect of reinforcement as strengthening the broken rock, then shotcrete has an
equivalent effect. It increases the rock mass strength by increasing the confining stresses and, more
importantly, by preventing loosening of the rock mass or broken rock. Furthermore, contrary to
mesh, it also prevents relative shear of rock blocks further enhancing the self-stabilizing effect.
3. Retention - when combined and connected to proper holding elements (rock bolts or cables) shotcrete provides a stiff and high capacity retaining function. In well-jointed or blocky rock, shotcrete
prevents ravelling between bolt heads, locks in-place key blocks, assists in transferring loads onto
bolts, and helps to maintain the integrity of rock blocks. In this case, shotcrete works as a high capacity, very tight mesh (called "supermesh").
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In burst prone mines, shotcrete assumes one additional function: energy dissipation. Because energy
dissipation is in part proportional to the mass of the support and the energy required to deform the support,
shotcrete dissipates large amounts of energy (see later) and can be utilized as an effective component of a
burst-resistant support system.
Shotcrete may also serve other functions that are not covered here, e.g., protection of rocks susceptible
to rock mass degradation (weathering, slaking, etc.) and reduction of wall roughness (for ventilation, sealing,
etc). Seldom does shotcrete fulfil all these functions and for an economic design, the designer must decide
which function the shotcrete is expected to perform (Barrett and McCreath 1995). For example, a heavy
shotcrete arch may serve the function of holding loose rock in place, eliminating the need for bolts, whereas a
thin, bolted shotcrete layer may only serve to retain rock (the bolts are expected to carry the load). A lack of
understanding which function the shotcrete is intended to serve may be the cause of poor shotcrete design.
4.1.3

Sources of deformation – rock mass bulking
In brittle failing rock, the process of stress-induced fracturing near excavations is associated with substantial dilation (volume increase) resulting from three sources: (1) dilation due to new fracture growth, (2)
shear along existing fractures or joints, and more importantly, (3) dilation due to geometric incompatibilities
when blocks of broken rock move relative to each other as they are forced (squeezed) into the excavation.
This dilation process, called rock mass bulking, produces large, permanent, radial deformations in the
fracture zone and consequently at the excavation
wall. Figure 4.3 illustrates the bulking process near
an excavation damaged by mining-induced stress.
The bulking process can be quantified by a
bulking factor BF, defined as the percentage increase
in radial deformation due to fracturing inside the
failure zone extending to the depth of failure df.
Contrary to the depth of failure, which is largely independent of the support pressure, the amount of
bulking inside the failure zone strongly depends on
the support type, characterized by the distributed
support capacity, as illustrated by Figure 4.4. This
figure is based on a limited number of qualitative
Figure 4.3: Wall convergence due to bulking reand quantitative field observations from extensomflected in deformation of ventilation door (courtesy
eter measurements (e.g., Hepworth 1984) on overT. Villeneuve)
stressed tunnels in brittle rock, supported by various
support systems (Kaiser et al.1996). Unconfined
rock can increase in volume by as much as 30 to
60% (e.g., in the unsupported floor of a drift) but
confinement and rock reinforcement drastically reduces bulking. An effective reinforcement system
providing a distributed support capacity of >200 kPa
can reduce bulking to less than 3%.
Ranges for three typical support types providing distributed support capacity from (<50) to (>200)
kN/m2 are indicated in Figure 4.4: light support –
standard (mechanical) bolting with mesh; yielding
support – frictional bolts with mesh but without
grouted rebar, and heavy support – strong support
with rock mass reinforcement (including grouted
rebar).
It is important to realize that it is not the support
pressure
alone that controls the bulking process.
Figure 4.4: Bulking factor as a function of distribAs illustrated by Figure 4.10, rock reinforcement,
uted support capacity (trend line with range of ±3
e.g., by grouted rebar, prevents the opening of fracstandard deviations) (after Kaiser et al. 1996)
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tures and thus reduces bulking much more effectively than pressure applied at the tunnel surface
alone.
4.1.4

Figure 4.5: Normalized tunnel wall convergence due
to rock mass bulking as a function of depth of failure
and applied support system

Estimation of rock mass bulking
Based on the range of bulking factors given in
Figure 4.4, it is now possible to establish ranges of
anticipated wall convergence as a function of the
depth of failure df and the applied support type
(Figure 4.5). The convergences in this figure are
normalized to the radius a of the excavation and do
not include elastic deformations due to tunnel advance. Hence, Figure 4.5 presents a means to estimate the anticipated, non-elastic convergence due
to rock mass bulking in a failure zone extending to
a depth df. It can be seen that the amount of convergence attributed to rock fracturing is significant
for depths of failure exceeding 10 to 20% of the
tunnel radius and that rock reinforcement (heavy
bolting with grouted rebar) can reduce the tunnel

wall convergence by at least half an order of magnitude.
Figure 4.6 presents a view of a lightly supported drift back that experienced bulking during a rockburst.
The depth of failure is roughly equal to the length of the mechanical bolt. Several open fractures (>5 mm) as
well as localized shear zones causing bulking deformations in the radial direction are clearly visible. The
depth of failure is approximately 1 m (beyond the baggage zone) or 0.3 to 0.4a. Hence, the anticipated bulking factor for a light support is between 2 to 5 % and the corresponding wall deformation about 35±10 mm.
This predicted deformation is equal to the ultimate displacement capacity of short mechanical bolts (20 to 50
mm; Kaiser et al. 1996) and it is therefore not surprising that the drift back partially collapsed (front portion
of Figure 4.6).
By combining the bi-linear failure envelope cut-off in stress space (Section 2), the depth of failure prediction capability (Section 3), and the interrelationship of rock mass bulking and support (Figure 4.4 and
Figure 4.5), it is possible to provide a simple approach for support system selection in overstressed brittle
rock. This is illustrated in Figure 4.7.
For the example introduced in Section 2,
mining-induced stress change brings this excavation from a low intermediate to a high intermediate state of stress (σmax/σc = 0.55 to 1.0;
Figure 2.11). The shaded range in the stress
space represents the stresses around the excavation for the original, pre-mining state of
stress. As a consequence of mining and induced stress change, the depth of failure is predicted to increase from 0.18 to 0.72a. If the
deformations are to be kept below 3% of the
tunnel radius a, a yielding support system with
a distributed support capacity of about 150 kPa
would be required. 5 to 10% convergence
Figure 4.6: Localized volume of moderately jointed rock
would have to be anticipated with a light supthat bulked due to damage by a small strainburst behind a
port system. For example, in a tunnel with a
light support system of welded-wire mesh and mechanical radius of 2.5 m, this mining-induced stress
bolts. The rock mass was loaded tangentially, creating
change would increase the wall convergence
surface parallel fractures that opened during the failure
from 20 to 65 mm with a yielding support, and
process. The depth of failure is slightly less than the
from 50 to 150 mm with a light support syslength of the mechanical bolts.
tem.
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Figure 4.7: Combination of stress concentration factor (stress path chart), depth of failure chart, bulking and convergence chart for support selection to control failing ground in overstressed brittle rock
Several other practically useful observations can be obtained from Figure 4.7. From the principal stress
space and depth of failure chart, it can be seen that this tunnel will only fail locally between Points A and B
(see insert). Between Points B and C, the depth of failure is zero, and thus the bulking related deformation is
also zero. In other words, the curves in the convergence chart provide information about the differential deformation around the tunnel, from zero at Point B to the maximum at Point A. For the selected example, the
yield support would experience differential deformations from 0 to 65 mm. This differential displacement
demand often leads to deformation incompatibilities between the ground and the support system, causing
localized stress concentrations that damage individual support components.
For tunnels experiencing burst conditions, the dynamically induced depth of failure can be obtained as a
function of induced ground motion ppv from Figure 3.13, and the burst-induced deformations can be obtained from the convergence chart in Figure 4.7.
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4.2

Rock mass reinforcement
Rock reinforcement has two primary functions: (1) to prevent rock mass deterioration by preventing
failure of rock bridges and loss of interlock, and (2) to control and minimize rock mass bulking.
4.2.1

Retention of self supporting capacity of rock mass
The first function of reinforcement is to retain as much as possible the rock’s self-supporting capacity
(Hoek and Brown 1980). If shear strain is dominating the rock mass behaviour, reinforcement can improve
the self-supporting capacity by maintaining interlock and preserving a high composite dilation angle along
rough joint surfaces. This is particularly important in ground subject to dynamic disturbances. In this case,
the passage of a seismically or blast-induced
wave can cause “asperity jump” or the loss of
interlock. The residual static strength would
thereafter be considerably reduced. A stiff reinforcement acts to limit this reduction by minimizing normal and shear displacements across or
along joint surfaces or newly formed fractures.
In highly stressed rock, fractures form from
nucleation cracks and flaws, creating surfaceparallel fractures. This rock mass degradation
process as a result of fracture propagation can be
effectively arrested by stiff support components
that prevent the opening of fractures. Figure 4.8
Figure 4.8: View across stope showing stress-induced
presents a unique view of onion skinning around
fracturing around drift and effective stabilization of
a drift entering a stope.
baggage and fractured rock by grouted rebar
In a more heavily jointed rock mass, reinforcement still plays a role, limiting the localization of strains and preventing continuous shear surfaces from
forming. Inelastic shear strain, distributed throughout the rock mass as small discontinuous slips, requires a
greater total amount of dilation to propagate than a single through-going shear plane. The distribution of
shear strain results in a higher degree of internal resistance. Stiff reinforcement acts to minimize the degree
of destabilizing strain localization.
Reinforcement also acts to preserve rock bridges formed by incomplete joint plane formation. Joints are
often assumed to be fully persistent for stability analyses even though this is normally not the case in moderately jointed rock masses. Where these rock bridges exist and where they can be preserved by careful blasting and the use of stiff tendon reinforcement, the self-supporting capacity of the rock mass, through these
rock bridges, can be quite significant under tensile loading as shown in Figure 4.9.
These values for rock mass tensile strength were calculated by Diederichs (1999) using fracture me-

Figure 4.9: Distributed load capacity of rock bridges compared with range of economically practical tendon
support (e.g. bolts, cablebolts, etc). Calculated range of tensile strength based on granite (Diederichs 1999).
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chanics approaches modified after Kemeny and Cook (1987). A detailed comparison to conventional support
systems is given in Table 4.1. These rock bridges, while unstable under sustained tensile load beyond the
critical levels indicated in this figure, can fail in a stable fashion if the tensile strains are controlled as discussed by Ingraffea and Atkinson (1987). A stiff reinforcement normal to these bridges acts to limit the
propagation of the fractures and the rupture of the rock bridges.
Table 4.1: Support patterns and equivalent rock bridge area
Capacity Equivalent
Maximum
Equivalent
Support Type
Support
Rock Bridge Area
Supported
Pressure
Pattern
Thickness (m) (% of cross-section area)
(kPa)
(m x m)
Rockbolts
2x2
20
0.7
0.1-0.2
Rebar
1.3 x 1.3
60
2.0
0.4-1.2
Single strand cablebolts
2x2
65
2.2
0.5 to 1.4
Double strand cablebolts
2x2
130
4.3
1.2 to 5
Double strand cablebolts
1.3 x 1.3
300
10
3.5 to 12
Double strand cablebolts
1x1
500
17
5.0 to 20
2
Note: 1% rock bridge area is equivalent to a 10 cm by 10 cm rock bridge per 1 m total area.
It is prudent to include stiff fully-coupled reinforcement components such as resin-grouted rebar in a
composite support system. Even if a rebar breaks in discrete locations along the shaft (as shown in Figure
4.10), the remaining segments continue to act to suppress shear localization and to preserve rock bridges,
lessening the demand on the holding components of the support system.
The preservation of rock bridge capacity in hard rock masses is particularly important at the excavation
face. If careful blasting is employed, the installation of full support can be delayed. Perhaps only a spray-on
lining or a thin shotcrete layer is required for worker safety at the heading. Without the installation of a stiff
tendon reinforcement, the rock bridges may eventually rupture freeing unstable wedges and laminations. In
many cases, however, the installation of the reinforcement can be delayed several rounds. In a mining or
tunnelling environment, this allows for the simultaneous installation of permanent support along with heading development and drilling for the next round (the two crews now occupy different space in the tunnel). In
a typical mine, this represents a time saving equivalent to a full crew-shift and has a significant economic
impact for mine development.

Rebar
controlling
bulking
Figure 4.10: Grouted rockbolt (rebar) limiting rock mass dilation (bulking) during failure of brittle, laminated
rock. Such rebars are effective in controlling bulking, even if they fail to fulfill their holding function
4.2.2

Minimize displacement demand on support
The second function of reinforcement is to control the rock mass bulking. As illustrated by Figure 4.10,
rock reinforcement, e.g., grouted rebar, prevents the opening of fractures, and thus bulking, very effectively.
Despite the fact that the entire pillar wall has failed in this laminated rock, the fully grouted rebar prevents
the opening of fractures and the total disintegration of the rock mass. Consequently, in intermediate to highly
stressed rock, when large deformations due to bulking are anticipated, fully grouted rock reinforcements
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should be utilized to minimize bulking and the associated radial deformations. For example, by reducing
rock mass bulking, shotcrete applied to the surface of a tunnel will be deformed less and thus be stressed to a
lesser extent. Even if the rock bolts fail due to excessive localized straining inside the zone of failed rock,
they are still very beneficial for deformation control as they restrain bulking everywhere except at the fracture point. In other words, rock reinforcements are essential in highly stressed ground to control deformations such that cost-effective holding and retaining system components perform well. Contrary to common
arguments that grouted rebar is too stiff, for example for burst-prone ground, and therefore should not be
used, the need to minimize deformations in brittle failing ground justifies the use of grouted rebar. However,
the rebar must in such situations be combined with yielding bolts or plain cablebolts to ensure adequate holding capacity when the rebars break.
From a practical perspective, it is most important to recognize that while failure cannot be prevented
and the depth of failure cannot be reduced by the support, the bulking process and thus the wall deformations
can be minimized by a combination of rock reinforcement and wall support.
4.3

Holding - rock support by cablebolts
In the context of this work, the holding function of the rock support encompasses the action of resisting
gravity forces on kinematically free wedges, slabs or stress-damaged zones of rock, the limits of which extend away from the excavation boundary. Most of the holding function is fulfilled by rockbolts and similar
tendon support. Here, the authors focus on the use of cablebolts, factors that affect the effectiveness or capacity of cablebolts, and factors that influence the demand on the support.
Grouted cablebolts, each consisting of one or more multi-strand steel cables grouted into a borehole can
perform a reinforcing function in soft rocks. The system stiffness of a cement-grouted cablebolt is considerably less than that of a resin-grouted rebar. As such cablebolts are less effective for suppressing or limiting
the propagation of fractures in stressed hard rock or for maintaining intimate contact of joint surfaces. They
do however, possess significant load capacity and are extremely useful where longer tendon support is required. Cablebolts represent the only practical support mechanism for open stopes. As an example of a
holding support system in hard rock, the use of cablebolts is examined here in more detail. A comprehensive
overview of cablebolt support and installation practice is presented by Hutchinson and Diederichs (1996).
4.3.1

Empirical design
Cablebolt support can be highly effective in moderately jointed or blocky ground at low to moderate
stress levels (Figure 4.11). Cablebolts, without additional face retention such as straps or large plates, are
less effective in controlling the unravelling of a highly damaged or heavily jointed rock mass. The lower
stiffness of the cablebolt system results in less ability to control the propagation of excavation induced stress
fractures.
The zone of cablebolt effectiveness in Figure
4.11 can be extended if the cablebolts are used in
combination with surface retention (as discussed
next) or if rock mass disintegration is controlled by a
primary system of grouted rebars. The latter combination is commonly used in the backs of large open
stopes where face access is available. Cablebolts
can fulfill the roles of holding, reinforcement and
retention, depending on the rock mass condition, the
joint spacing and on the cablebolt spacing as shown
in Figure 4.12.
For the purposes of cablebolt array design, recall the stability graph for open stopes discussed in
Section 3. Above the upper no-support limit (low
HR or high N’) open stopes can remain unsupported
without significant instability. Below a lower limit
Figure 4.11: Empirical limits of cablebolt support as (high HR or low N’), defined by Nickson (1992) the
a stand alone system (Hutchinson and Diederichs
stope face is deemed unsupportable. The interven1996)
ing transition zone represents the zone of cablebolt
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effectiveness and efficiency. Cables can
perform a number of overlapping functions
within this zone. Based on case examples,
three main subdivisions can be defined.
Near the upper no-support limit, as shown
in Figure 4.12, reinforcement is the key
mode of support, as the cablebolts serve to
maintain integrity between interlocking
blocks or laminations to create a stable
arching function. Near the lower limit,
arching is assumed to be lost and cablebolts
act only to hold the disintegrated rock mass
in place. For very low quality rock masses
(N’ < 1), the cablebolt spacing must be very
tight to prevent the rock mass from unravelling unless additional support such as rebar
or shotcrete is used.
Based on a semi-analytical approach
outlined in Diederichs (1999), these general
mechanistic zones form the basis of cablebolt spacing guidelines for regular arrays as
shown in Figure 4.13. In these guidelines,
the limiting cablebolt spacing required for
stability reduces (more cablebolts are required) as the primary function moves from
Figure 4.12: Support modes for cablebolt arrays within stabil- reinforcing to holding based on the decreasing ability of the rock mass to support itself
ity graph (N' and HR; Diederichs 1999)
(at lower N’ or higher HR). Retention demands limit the spacing for low quality rock masses (low N’) unless the cablebolts are accompanied by a
tighter pattern of rockbolts, rebar or by a layer of shotcrete.
4.3.2

Effect of relaxation on holding demand
These cablebolt spacing guidelines apply to the conditions assumed in the stability chart calculations.
Recall, however, that this empirical tool does not, in its conventional form, consider the impact of confinement loss or abutment relaxation. Relaxation, caused by adverse geometry, adverse in situ stress ratios or
abutment yield can lead to a loss of arching or self supporting capacity within the rock mass. In this case,
this loss must be replaced by more holding
capacity as shown in Figure 4.14. In this
example, derived from a Voussoir beam
analysis (Diederichs 1999), an outward
movement of the abutments (analogous to
tangential confinement loss or relaxation)
must be compensated for by an increase in
applied bolt (or cablebolt) support.
In addition, a loss of confining stress
adjacent to a roof or wall of an excavation
can release steeper (and therefore larger)
wedges than would normally occur under
moderate clamping. In the example shown
in Figure 4.15, a cone with an apex angle
slightly less than the friction angle approximates a wedge pyramid. Under moderate clamping or confinement the wedge is
Figure 4.13: Guidelines for cablebolt spacing based on three
stable. For a 20 m span a loss of 2 MPa of
dominant support modes
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clamping stress mandates the implementation of
a standard double-strand cablebolt pattern to
maintain stability.
In the empirical stability chart, this increased demand is reflected in a translation of
the no support limit up and to the left. That is,
support is required for smaller spans or higher
quality rock masses if abutment extension or
relaxation is present. Likewise, the cablebolt
spacing recommendations within the supported
transition zone in Figure 4.13 translate due to
the presence of relaxation. Figure 4.16 illustrates modified guidelines for cablebolt spacing
in ground subject to moderate relaxation (here
equivalent to 10 MPa of elastic tensile stress).
That the effect of relaxation has a drastic
Figure 4.14: Increase in minimum stabilizing support reeffect can also be illustrated by comparing supquirements due to abutment relaxation
port limits recommended by the two empirical
stability chart systems; the MathewPotvin or N’-system, and Barton or
Q-system. Figure 4.17 shows superimposed no-support limits (calculated as described by Kaiser et al.
1997) and maximum supported excavation limits. Whereas the nosupport limits (for ESR = 3 to 5)
and the unsupported transition zone
(Figure 3.3 and 3.4) correspond
reasonably well, the limit for supported ground according to the
Mathew-Potvin approach (Figure
4.13) falls much lower than the upFigure 4.15: Increase in cablebolt support demand due to loss of
per limit for supportable excavaconfining stresses (cablebolt capacities shown assume use of
tions (labelled “Maximum support
modified or bulbed strand)
limit” in Figure 4.17) according to
the Q-system. This large deviation
in empirical design limits can be
attributed to various factors including different support quality standards, excessive cablebolt spacing
without proper surface fixtures, and
the fact that relaxation is seldom
encountered in civil applications,
whereas abutment relaxation often
dominates in mining.

Figure 4.16: Impact of lateral extension (equivalent boundary tension
of 10 MPa) on cablebolt spacing recommendations. Compare to
Figure 4.13
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4.11

4.3.3

Effect of relaxation on cablebolt capacity
The guidelines presented in Figure 4.16 are
based on the assumption that the capacity of the
cablebolt is not affected by boundary-parallel relaxation. Unfortunately, this is not the case for
plain strand grouted cablebolts. Kaiser et al.
(1992) clearly demonstrated that a stress decrease,
normal to the cablebolt, after installation results
in a loss of frictional bond strength and therefore
a loss of load transfer capacity. This leads to the
familiar site of stripped cablebolts hanging from
the back or wall of open stopes after a ground fall,
which apparently occurs without load transfer to
the cablebolts. Figure 4.18 illustrates the theoFigure 4.17: Comparison of stability charts using N’
retical impact of stress decrease on cablebolt bond
(Mathews-Potvin approach) and Q’ (Barton approach)
strength.
(Kaiser et al. 1997)
The main reason for this sensitivity to stress
change is that the grout tends to pull away from
the cablebolt surface as the hole diameter expands
in response to a drop in rock stress. This interface
separation is of the same magnitude as the dilation that occurs during cablebolt pullout. This
problem has been recognized for some time now.
One solution is to ensure that all cablebolts are
plated with barrel-wedge anchors. This is not
always possible, however, since access is not
available to many cablebolted faces such as hangingwalls of open stopes (in these cases cablebolts
are installed remotely from a drift in the hangingwall). The best alternative to minimize stress
change sensitivity is to use modified strand cableFigure 4.18: The impact on cablebolt bond strength
bolt geometries such as bulbed strand cables. The
(load transfer/embedment length) of induced stress
bulbed strand increases the amount of dilation
change in rock mass after installation (after Hutchinson necessary for cablebolt pullout. This increase
and Diederichs 1996)
compensates for the interface separation that occurs during stress decrease and preserves the bond strength and load transfer capacity. Such strands should be
used, for example, in all hanging wall applications or anywhere stress drop is anticipated.
4.4

Rock retention
The retaining components of a support system typically consist of mesh, shotcrete, and more recently of
spray-on linings (Figure 4.19). The primary difference between these systems is that the later two adhere to
the rock, providing resistance to relative movement at the support/rock interface. This adhesion and shear
resistance contributes significantly to the self-supporting capacity and integrity of the liner/rock arch.
4.4.1

Test set-ups
Initially, central loading tests on panels of retaining elements (from 1.5x1.5 to 1.8x3.6 m in size) were
conducted to obtain the retention capacity of individual retaining elements under static or dynamic (impact)
loading (Tannant et al. 1996). This mode of loading is most appropriate to assess the capacity to retain loose
rock or rock ejected during rockbursts. Dynamic tests were conducted by dropping a cylindrical weight onto
panels supported by posts (bolts) as shown in Figure 4.20.
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Figure 4.19: Sprayed-on polyurethane (Mineguard™) used to support a narrow-vein stope without the use of
bolts or mesh and a top sill drift above bulk mining stopes with mesh and bolts

Figure 4.20: Field test set-up for static plate pull tests and impact test facility (at time of impact)
SRK (1996) has conducted similar static loading tests on panels supported at 1x1m bolt spacing and
with distributed loads applied by a pressure cushion. As will be discussed later, the two systems produce
distinctly different stress and strain distributions in the panels and thus results cannot be compared directly.
Distributed load tests, producing uniform extension strains, create conditions most favourable for steel-fibre
reinforced shotcrete.
More recently, recognizing the importance of interface shear resistance, adhesion and the tensile capacity of the retaining elements, a standard test frame for laboratory and field use with a 1.2 m-square bolt spacing was developed. This frame is shown in
Figure 4.20 during shotcrete testing underground and in Figure 4.21 during laboratory
tests on spray-on membranes. In this laboratory set-up, the bending resistance of a 50 to
90 mm thick layer of rock (concrete blocks)
is integrated into the support system. This
testing system was designed to evaluate the
performance of membrane liners for the support of jointed or fractured rock. Test panels
were made by spraying polyurethane or shotcrete over an arrangement of inter-locked
concrete blocks. The test panels were loaded
with a 300-mm pull plate (Figure 4.21) and
Figure 4.21: Pull test on polyurethane-coated square blocks
the loads and displacements were recorded
and ruptured membrane at large central deflection (Espley(Espley-Boudreau 1999).
Boudreau 1999); most results presented here are from tests
with 50 mm thick hexagonal blocks; see insert)
Kaiser et al. – GeoEng2000

4.13

4.4.2

Mesh or screen
Since mesh is widely used in mines, its load capacity, deformability, and energy dissipation potential
serves as a basis for comparison. Results from tests by Tannant et al. (1997) are reproduced in Figure 4.23.
The energy dissipation capacity is summarized in Figure 4.22.

Figure 4.22: Energy dissipation capacity for static
mesh types shown in Figure 4.23

Figure 4.23: Mesh pull test data: #6 to #9 weld
mesh compared to light chain-link and expanded
metal mesh (Tannant et al. 1997)

These typical results illustrate the high deformation capacity of mesh. The full capacity is only mobilized after substantial deformations; >100 mm for weld
mesh and 400 mm for chain link mesh. For support in
burst-prone ground, chainlink mesh is often used to retain broken rock. As can be seen from Figure 4.22, it
has clearly superior energy dissipation capacity, though
only at very large deformations. Expanded metal mesh
demonstrates comparable characteristics but tends to
corrode more readily and thus is no longer in wide use.

4.4.3

Shotcrete
Much has been published about the pros and cons of various types of shotcrete reinforcement (fibres vs.
mesh) but it is worthwhile to revisit this issue. In general, it can be concluded that fibre-reinforced shotcrete
performs best when deformations are relatively small and when the shotcrete is uniformly strained. Meshreinforced shotcrete performs best when large deformations causing extension cracking are encountered and
localized cracking due to strain localization occurs. It performs poorly when sheared or stressed in compression.
The failure process in shotcrete is often progressive and localized in nature, especially when adhesion
loss and flexural bending occur. In such situations, often encountered in mining, point load tests are more
representative of in situ conditions than distributed load tests because the former cause stress and strain localization near the loading plate. Typical results from static pull-tests with mesh- and fibre-reinforced shotcrete
are summarized in Figure 4.24. The effect of the adhering rock (50 mm concrete blocks) almost doubles the
capacity of the shotcrete (compare Curves A and B). This is largely attributed to the fact that the adhering
blocks effectively double the total beam thickness. Adding another 53mm of shotcrete to increase the thickness by 85% only adds about 30% to the load capacity (Curve C).
As introduced earlier, distributed load tests (SRK 1996) create uniform stress and strain distributions in
the test panels. Because short fibres have a limited extension capacity, these distributed load tests create very
favourable conditions for fibre-reinforced shotcrete. Only if uniform loading can be ensured are such tests
truly representative of in situ behaviour. Ranges of results from distributed load tests by SRK (1996) are reproduced in Figure 4.25. These tests suggest that fibre-reinforced shotcrete is superior to mesh-reinforced
shotcrete, at least for central deflections of <60 mm. As will be shown next, only if loading is uniform will
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fibre-reinforced shotcrete demonstrate such superior behaviour with fibre-reinforced shotcrete exhibiting almost double capacity at centre deflections of 20 to 40 mm. At very large deflections exceeding 60 to
100 mm, however, the mesh-reinforced shotcrete performs better because the fibre-reinforced shotcrete continues to lose its load bearing capacity as fibres pull out.

Figure 4.24: Summary of shotcrete panel test data:
mesh-reinforced shotcrete alone and on hexagonal
blocks; fibre-reinforce shotcrete on hexagonal
blocks (modified from Espley-Boudreau 1999)

Figure 4.25: Distributed load tests on shotcrete panels
(1x1m bolt spacing) (after SRK 1996)

On first sight, these results seem to be in conflict with the results presented by Kaiser et al. (1996) and
those from Espley-Boudreau (1999) on fibre-reinforced shotcrete shown in Figure 4.24. In this case, loads
were applied centrally and fibre-reinforced shotcrete was applied overtop of hexagonal blocks. Because localization occurred at the block boundaries, the fibre-reinforced shotcrete performance is clearly inferior,
even at relatively small deformations (>20 mm). The difference can be attributed to the test system, one
causing strain localization, the other uniform straining. To compare results from the two test set-ups, the
equivalent point load must be calculated (shown as a secondary axis labelled Equivalent Point Load in Figure
4.25) and then further adjusted for the shorter bolt spacing (1 rather than 1.2 m) and for the somewhat higher
shotcrete quality. After an approximate load adjustment for these factors, the two sets of test results have
been superimposed in Figure 4.26.
It can be seen that the two test results are now more alike but the distributed load tests still produce
higher capacities for fibre-reinforced shotcrete at small deflections (<60 mm). These capacities are roughly
double those obtained from tests causing localization at block boundaries (dashed lines). Most importantly, it
can be seen from Figure 4.26 that the high tensile strength of the mesh becomes most beneficial in blocky ground (represented by the test
set-up with concrete blocks) leading to superior
performance of mesh-reinforced shotcrete
(Curve B) for central deflections exceeding 30
to 50 mm.
Hence, the selection of an appropriate reinforcement largely depends on the anticipated
type and amount of deformation. If shotcrete is
applied such that straining is limited and uniform, fibres will perform well. On the other
hand, when adhesion failure occurs and shotcrete has to act as a retaining system with high
tensile capacity, mesh-reinforced shotcrete will
Figure 4.26: Superposition of data from Figures 4.26 and
perform better. Fibre-reinforced shotcrete, on
4.27 after adjustment for test configuration, geometry and
the other hand, will have superior compressive
shotcrete quality
Kaiser et al. – GeoEng2000

4.15

strength characteristics. When shotcrete is expected to fail (in compression) and sustain large
deformations, e.g., at stress raisers, mesh reinforced shotcrete will perform better. This latter
conclusion arises not because of its load capacity but because the mesh will continue to provide some retaining capacity even after very
large deformations.
The observation that distributed load tests
produce superior fibre-reinforced shotcrete performance is not just important for test data interpretation but it is also of practical relevance.
If shotcrete is allowed to debond and sag, such
that central, point loading becomes dominant,
the performance will move from distributed toward point loading, and the shotcrete capacity is
significantly reduced. It is therefore paramount
Figure 4.27: Energy dissipation capacity from impact
that shotcrete, particularly thin layers, be well
tests on mesh-reinforced shotcrete (Kaiser et al. 1996);
bolted and, ideally, applied in a slight arch
empty symbols for 75 to 90 mm and full symbols for 60
shape such that sag and localized loading is preto 70 mm thick shotcrete
vented.
For support in burst-prone ground, it is reasonable to assume that the support system must be able to
dissipate energy from localized loading. Because of its mass, shotcrete plays an important role in energy dissipation. Kaiser et al. (1996) published results of an extensive investigation on the energy absorption capacity of shotcrete and the reader is referred to this publication for details. Nevertheless, Figure 4.27
summarizes the essence of these tests (Tannant and Kaiser 1997) and compares shotcrete with mesh. Results
from static and dynamic tests are shown for comparison. Mesh-reinforced shotcrete can dissipate substantial
amounts of energy, long before it is severely damaged (at about 0.3 to 0.4 m central deflection). When compared to static loading tests, shotcrete was able to dissipate roughly twice as much energy. Most importantly,
it retained a significant self-supporting capacity even after dissipating more than 10 to 20 kJ/m2 (Tannant et
al. 1996). While only a limited amount of testing was conducted on fibre-reinforced shotcrete
panels, its ability to dissipate energy was significantly lower (largely because of strain localization during impact testing). It is for these
reasons that mesh-reinforced shotcrete is often
preferable for support in burst-prone ground of
moderate to severe burst potential.
4.4.4

Figure 4.28: Test results from pray-on lining tests of
polyurethane-coated blocks compared with mesh and
shotcrete test data (after Espley-Boudreau 1999)

Spray-on linings
Driven by a need to automate the mining
process and to reduce support costs, innovative
means to support the ground such as spray-on
linings are under development. Many manufactures are producing spray-on products of varying
characteristics. Findings from a product called
Mineguard™ are reported here for the simple
reason that this product has been most widely
tested (in Canada) and compared through consistent testing procedures with both mesh and
shotcrete.
Polyurethane linings have been tested extensively (Espley-Boudreau 1999; Figure 4.21)
and used by INCO Ltd. to support ground in
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narrow-vein mining stopes and to protect mesh and bolts on the backs of top sill drifts exposed to blasts
(Figure 4.19). Typical results from tests of Mineguard™ over concrete blocks are presented in Figure 4.28
for three examples: 2 to 3 mm and 8 to 12 mm thick Mineguard™, and 2 to 10 mm Mineguard™ over #6
gauge mesh (2 test curves shown). Earlier presented results from shotcrete over blocks and mesh over hexagonal blocks are shown for comparison.
From the two tests with Mineguard™ over mesh, it can be seen that this type of support produces a very
tough support system that is roughly equivalent to 116 mm of mesh-reinforced shotcrete. This conclusion is
only valid as long as at least 50 mm of rock adheres to the spray-on lining. 8 to 12 mm of Mineguard™
alone produces about double the capacity of 60 mm of fibre-reinforced shotcrete, again as long as 50 mm of
rock adheres. The main difference between Mineguard™ and fibre-reinforced shotcrete is that Mineguard™
does not provide the early stiffness of shotcrete at < 20 mm deflection.
These tests demonstrate the importance of creating a near-continuous membrane in order to provide effective support for fractured rock (blocks). When the lining failed to bridge the gaps between blocks, the
resulting support capacity was severely compromised. The adhesive strength between the lining and the
blocks is another important property (Espley-Boudreau 1999). An extensive field testing program was undertaken by INCO Ltd. (Espley-Boudreau 1999) and some preliminary findings have been published by Tannant et al. 1999.
In summary, when used over bolts, the Mineguard™ effectively replaces many of the roles of shotcrete.
However, because of the thin skin nature of spray-on linings, it does not provide the bending resistance that
shotcrete offers. However, if the liner and rock forms a thin arch as in the test set-up with hexagonal blocks,
this weakness is eliminated and spray-on linings can compete with shotcrete.
4.5

Use of empirical methods for support design in brittle failing rock
Most empirical tunnel design methods have been developed with data from civil engineering structures
and gradually yielding ground. In brittle rock, failure often occurs in a violent manner (rockbursts) and is
associated with extensive bulking. For design of support in burst-prone ground, the reader is referred to Kaiser et al. (1996). However, independent of the violence of the failure process, it is necessary to assess
whether excessive deformations, which could damage the support, may be encountered and to determine
whether the deformation compatibility limit of a support system may be exceeded.
4.5.1

Deformation compatibility of support and ground

In mining, matters are complicated by the fact
that mining-induced stress changes and related rock
mass failure causes additional deformations, deformations that are not encountered in civil engineering excavations (caverns and single or twin tunnel
situations). Unless a drift or tunnel is remote from a
mining zone or the mining-induced stress changes do
not cause rock mass failure, additional deformations
must be anticipated as described earlier (Figure 4.7).
These post-support deformations are often the cause
for poor performance of shotcrete, particularly in burst
prone ground as illustrated by Figure 4.29. This support failed because of deformation incompatibility between ground motion demand and displacement
capacity of the support. Rock mass fracturing and
Figure 4.29: Damage to a shotcrete arch due to
bulking behind the shotcrete caused radial converdeformation incompatibility during minor rockgences that in turn created high compressive hoop
burst
stresses within the shotcrete, bringing it to failure. If
the shotcrete was not continuous (e.g., longitudinally slotted), such damaging hoop stresses would not have
built up and spalling would not have damaged the shotcrete. It is therefore necessary to determine whether
damaging deformations are to be expected such that a sufficiently compliant or yielding support system can
be selected.
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Figure 4.30: Shotcrete as a support ring, support
arch, or flexible retaining in form of curved or
flat panels

For shotcrete in particular, the deformed shape of
the excavation boundary often no longer matches the
initial shape of the liner and debonding or flexural failure is induced. In other words, when large deformations are anticipated shotcrete is to be applied in such a
manner as to prevent deformation incompatibility. Appropriate installation techniques preventing "selfdestruction" of shotcrete are: longitudinal slots or gaps
in shotcrete arches to break the flow of hoop stresses, or
flat wall shotcrete panels that are free to move without
causing constraints at panel boundaries (corners) (Kaiser and Tannant 1997; Figure 4.30). When shotcrete is
applied as panels or slotted arch segments, it must be
held in place by rock bolts or cables that are able to survive the deformations imposed on them by the bulking
rock mass and the deforming shotcrete. This is called a
yielding support system (see Figure 4.2).
The same rationale can be applied to other support
components (rock bolts, cablebolts, etc.). If the strength
of a bolt is not sufficient to prevent bulking inside the
failure zone, it must have sufficient deformation capacity to yield. However, as explained earlier, even fully
coupled (grouted) rock reinforcements that fail inside
the fractured rock zone, still contributes significantly to
the overall support capacity of a well-designed support
system as bulking control measures.
4.5.2

Figure 4.31: Deformation limits observed from
well supported excavations superimposed on stability chart (after Kaiser 1986)

Figure 4.32: Deformation capacity of a shotcrete
ring at peak load (without shrinkage allowance)
(Kaiser and Tannant 2000)

Use of stability chart to assess deformation
compatibility
Kaiser (1986) presented deformation limits from
field observations on well-supported caverns and large
tunnels. These limits are reproduced on the stability
chart in Figure 4.31, defining zones where deformations
are expected to exceed 1 to 10, 3 to 25, and 5 to 50 mm,
respectively. For comparison, the deformation capacity
of a closed shotcrete ring is shown in Figure 4.32. Consequently, for typical tunnels sizes, when Q falls below
about 1, the wall displacements must be expected to
exceed 0.2% of the excavation radius. A closed shotcrete ring, for example, would not be able to withstand
the anticipated deformations. As a general guideline
then, excavations falling to the left of Q = 1 must be
designed in such a manner that the support system is
compatible with large deformations and can deform
without attracting destructive loads, i.e., that it can yield
(refer also to Figure 4.2).
While it is difficult to accurately predict ground
deformations, selecting appropriate stress reduction factors can indirectly be used to assess the impact of deformations on support performance.
Figure 4.33 presents stress reduction factors as a
function of stress level σmax/σc based on recommendations by Barton (1994). In massive to moderately
jointed, brittle rock, the depth of failure is also related
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Figure 4.33: Recommended stress reduction factors
(after Kaiser et al. (1996); use 0.75σc for strongly
anisotropic in situ stresses at 5 ≤ σ1/σ3 ≤ 1)

to the stress level (see Section 3). Hence, at a stress
level of 0.4±0.1, when the depth of failure is close
to zero according to previous deliberations, SFR = 1
(ranging from 0.5 to 2). No failure and thus no
bulking is to be expected and standard support systems will perform well. At a stress level of 0.45 to
0.65, when the depth of failure ranges from about 0
to 0.3a, SRF should be increased by one order of
magnitude, and when the stress level is higher than
0.65 (df > 0.3a), by a second order of magnitude.
At the later stage, violent failure in the form of
strainbursting is to be anticipated.
Since the depth of failure can be related to the
anticipated wall deformation through the bulking
factor (Figure 4.7), it follows that the stress reduction factor and the anticipated convergence due to
stress-induced bulking can also be related. In other

Figure 4.34: Relationship between convergence, depth of failure, stress level and stress reduction factor SRF
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words, the stress reduction factor provides an indirect means to account for bulking. Figure 4.34 illustrates
this whereby the previously introduced relationship between depth of failure and bulking is combined with
the stress reduction factor chart. For the example introduced in Figure 4.7, a tunnel at low stress would be
assigned a SRF = 1, a tunnel at the defined in situ stress level a SRF = 25 (±10), and the same tunnel experiencing mining-induced stress change a SFR of 100 to 300. It can be seen that the mining-induced stress
change raises this tunnel into the strainburst-prone region.
This example is also plotted on the stability chart (Figure 4.35) for a tunnel with a span of 5 m. If this
tunnel was excavated, e.g., at Q = 40, no support would be required at low stress. A modest support with a
thin layer of shotcrete (<50 mm) with no or only light, widely spaced, bolting to control minor slabbing and
spalling would suffice for pre-mining
conditions (at SRF = 25). No excessive
deformations would be anticipated and a
continuous shotcrete layer would be expected to perform well.
Fibrereinforced shotcrete would be appropriate. However, as mining introduces
stress-driven failure (at SRF = 100 to
300 or Q = 0.4 to 0.1) heavy support
with at least 100 mm of shotcrete and
bolting would be required. Most importantly, because the tunnel now falls into
the zone with Q < 1, it must be expected
that a standard support system cannot
deform sufficiently. Hence, a yielding
support system, designed for deformaFigure 4.35: Example illustrating increasing support requirements for an excavation experiencing progressively higher stress tion compatibility, e.g., with yielding
levels and associated rockburst potential. Starting at SRF =1, a 5 slots in shotcrete and yielding, frictional
m wide excavation in Q = 40 does not require support. At SRF = bolts, should be adopted.
This approach for assessing defor25 for minor burst severity, it can be controlled with standard
mation
compatibility is particularly usesupport. For SRF > 50, or for moderate to major rockburst seful when selecting support systems for
verity, this excavation needs to be supported with a yielding
burst prone ground as described later.
support system.
4.5.3

Support for tunnels experiencing strainbursts
It can be seen from Figure 4.33 that strainbursting is expected when the stress level exceeds about 0.65.
In this event, the stress reduction factor should be increased by at least one order of magnitude (Figure 4.34).
The impact of a rockburst beyond that point largely depends on the dynamic stress increment imposed
on the excavation and the stress level before the event. A stable excavation will be less damaged than one
that is already experiencing instability under static loading. As explained earlier, the effect of a seismic event
on the depth of failure can be assessed by considering the dynamic stress increment, which depends on the
magnitude of the seismic event, and by choosing an appropriate SRF using Figure 4.34. However, because
SRF quickly increases to more than 100, it follows for most practical situations (except for very small openings) that yielding support will be required when the stress level exceeds about 0.65 to 0.75. At this point,
the depth of failure would be on the order of 0.3 to 0.5a, which in a 5m wide tunnel would imply failure of
about 0.75 to 1.25 m of rock. According to Section 3, this is to be rated as moderate to severe damage potential requiring burst resistant, yielding support to survive relatively large deformations (for details refer to
Kaiser et al. 1996). At SRF = 100, the deformation demand will be relatively limited, particularly if rock
reinforcements are used. Fibre-reinforced shotcrete should still perform well, as long as constructive means
are implemented to prevent build-up of hoop stresses.
At SRF = 300, however, the deformations will likely be large for this example (> 50 mm; see Figure
4.34) and heavy support with mesh-reinforced shotcrete panels, yielding bolts and fully grouted rebar, would
be most appropriate. It is interesting to note that even under the most severe burst conditions (Figure 4.35), a
shotcrete thickness of only 100 mm is recommended. This is appropriate because the bolting system must
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control bulking, contribute to the dissipation of the burst energy, and hold the shotcrete panels in place. According to Figure 4.22, the shotcrete panels would be expected to show minor damage after a rockburst, but
should maintain their full retention capacity.
Finally, it is worthwhile mentioning, that the conditions described by Figure 4.34 for the tunnel after
mining-induced stress change, correspond to conditions that are close to the maximum practical support limit
for burst resistant support (Kaiser et al. 1996). If more severe conditions are encountered, other means of
ground control such as destress blasting must be considered to reduce the demand on the support.
4.6

Summary
Each support component in a support system is intended to perform one of three functions: (1) reinforce
the rock mass to strengthen it and to control bulking, (2) retain broken rock to prevent unravelling, and (3)
hold rock and retaining elements in place. These functions gain increasing importance as the ground conditions deteriorate, i.e., when rock fails in highly stressed ground or as the rock relaxes. In very poor ground
(Q < 1), large deformations must be anticipated and support components must retain their functionality over
a large displacement range; the support must have superior yielding characteristics.
In brittle rock, the process of stress-induced fracturing near excavations is associated with substantial
dilation, called rock mass bulking. This bulking process strongly depends on the support type. In particular,
fully grouted rebar has a huge effect on the bulking process. The function of reinforcement is to retain the
rock’s self-supporting capacity while reducing rock mass bulking. Even if the rock bolts fail due to excessive localized straining inside the zone of failed rock, they are still very beneficial for deformation control.
By combining the stress space with the bi-linear failure envelope cut-off (introduced in Section 2), the
depth of failure prediction capability (developed in Section 3), and the interrelationship between rock mass
bulking and support, a simple approach for support system selection in overstressed, brittle rock was developed and verified. When used with empirical methods for support design, it is necessary to assess whether
excessive deformations, which could damage the support, may be encountered and to determine whether the
deformation compatibility limit of a support system may be exceeded. As a general guideline, excavations
plotting to the left of Q = 1 should be designed in such a manner that the support system is compatible with
large deformations. The stress reduction factor provides an indirect means to account for bulking. This approach for assessing deformation compatibility is particularly useful when selecting support systems for burst
prone ground.
For the holding function, two detrimental relaxation effects are identified: abutment relaxation leading
to an increased demand on the support, and relaxation near cablebolts leading to a loss of holding capacity.
Test results from various retaining elements are compared, and it is shown that strain localization, as often encountered in mining applications, may significantly reduce the retaining capacity of fibre-reinforced
shotcrete. It is shown that the effect of only 50 mm of adhering rock almost doubles the capacity of the
mesh-reinforced shotcrete. The same effect was not evident when fibre-reinforced shotcrete was tested and
this is attributed to strain localization, which reduces the capacity for the fibre-reinforced shotcrete. The high
tensile strength of the mesh and spray-on membranes contributed to the superior behaviour of both meshreinforced shotcrete and Mineguard™, the spray-on lining tested here. If low strain can be ensured in the
fibre-reinforced shotcrete, it provides effective support with high early support reaction stiffness. The selection of an appropriate shotcrete reinforcement strategy largely depends on the anticipated type and amount of
deformation.
Mineguard™ applied over mesh produces a very tough support system that is roughly equivalent to
120 mm of mesh-reinforced shotcrete. 8 to 12 mm of Mineguard™ alone produces about double the capacity
of 60 mm of fibre-reinforced shotcrete as long as at least 50 mm of rock adheres.
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EXCAVATIONS IN STRUCTURALLY CONTROLLED ROCK MASSES

5.1

Introduction
In this section, a review of current and future trends in permanent civil engineering underground works
with a particular focus on structurally controlled stability concerns is presented (for moderately to highly
fractured ground; Figure 5.1). Large permanent underground openings or caverns are commonly attributed
to their use in the civil engineering sense that cover major applications such as hydropower developments,
hydrocarbon storage, transportation structures (large span tunnels, stations and railway crossovers), water
treatment and holding tanks, and civil defence openings. Increasingly the use of underground space on a
large scale is being considered in conjunction with more demanding applications such as the disposal of nuclear waste and as containment structures for liquids and gases under significant pressure. Lessons learned
from such structures are fully applicable to most hard rock tunnelling processes albeit on a reduced crosssectional scale.
The interaction of the underground excavation
space requirements (the geometrical envelope) and
the rock mass are critically dependent on a number
of factors:
- depth below surface,
- geometrical configuration for intended purpose,
- siting and orientation options,
- available rock mass environments, and
- excavation methodology.
The first three factors are generally purpose
dependent and will vary significantly according to
the opening function. In some cases, for example
urban transportation systems, the underground arrangement will be almost entirely dictated by the
system alignment. In other cases, such as bulk
fluid storage, there may be almost complete flexibility to optimize the orientation and geometry of
the cavern system. Where special linings are introduced for either containment or isolation purposes,
these may in turn call for particular geometrical
Figure 5.1 Situations dominated by structurally conrequirements for which the rock mass may need
trolled instability (see Figure 1.1)
enhanced engineering treatment.
The aim of this survey is to examine the use of rock engineering technology to develop efficient permanent excavations. Modern practice tends to place maximum reliance on the rock mass intrinsic stability
state by the appropriate selection of geological factors, hence, seeking to minimize the degree of engineered
support required. The survey concentrated on larger scale openings (generally termed caverns) since these
provide the most challenging requirements in terms of excavation design. It is also the case that many tunnels used for civil engineering purposes are concrete lined for safety, hydraulics or ventilation and, hence,
often do not represent the cutting edge of underground rock engineering.
The principal requirement of such a system is usually the identification of appropriate geometrical
forms that incorporate the governing influence of rock mass structure and the associated induced stress state
to provide a cost efficient excavation shape. Whilst this approach has long been recognized in the underground mining industry, its application in civil engineering has been relatively limited.
A key problem with the civil field has been the adoption of a relatively traditional approach to excavation stabilization, which incorporates a formed concrete lining. Based on the design approach for such linings, an arched excavation form is almost always implied which limits optimum consideration of the rock
mass properties. In certain cases in well-defined structured rock masses, this blinkered approach has led to
actual or near instabilities following excavation and prior to the placement of the so-called final lining. The
Portage Mountain Powerhouse excavation, Canada, and the more recent Hanover Würzburg high-speed
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railway tunnels, Germany, are examples, among many, of such problems. In other cases, perhaps best typified by the NATM approach, the concentration of engineering design on the arch form has been based on a
theoretically beneficial induced stress state and lining system. A typical example of this situation is the
Waldeck II power station in Germany and more recent major tunnel developments including the UK Channel Tunnel Crossover. The NATM approach and its over reliance on observed behaviour has sometimes led
to an inadequate design understanding of the rock mass surround response and, as a result, instability problems or excessive engineering measures have resulted.
From an assessment of past experience, the need to fully understand the likely ground response and its
potential behaviour as the primary structure (base component) in the cavern system is becoming increasingly
recognized. In some cases, the potential use of the rock mass as the primary component of the system will
reveal its inadequacy to provide the necessary support even with heavy reinforcement. Under such conditions the use of rock replacement technology, particularly in weaker rocks, may be appropriate. Using this
approach, the rock surround is replaced in zones of critical overstress or instability using concrete placed
within limited sized drifts. These can be developed to form a complete structural surround if required. The
French Channel Tunnel Crossover was perhaps the most significant application of this technique in rock engineering so far.
A further significant development is the use of pre-reinforcement for critical zones of the excavation
profile using pre-placed fully bonded reinforcement from initial access galleries (e.g. Mingtan, Taiwan,
(Moy and Hoek 1989)). Such a system can be effectively combined with rock replacement technology.
The excavation system, notably for tunnels, will inevitably influence the cross-sectional profile. In particular, full face mechanized excavation using tunnel-boring machines (TBMs), dictates a circular profile in
hard rock conditions. This profile leads to particular support and lining systems that often involve pre-cast
segmental linings placed concurrently with the excavation advance. The options for rock reinforcement and
shotcrete usage are directly limited by the machine configuration. For more difficult excavation - support
applications, open or short single shield machines are preferred (Sharp et al. 1996). This specialist excavation approach is of great interest in tunnel development but is beyond the scope of this paper.
In the following survey of design methodology, the primary use of drill and blast or roadheader excavation systems has been assumed together with rock reinforcement as the primary stabilization element for
structurally controlled rock masses.
5.2

Geological models of rock masses in relation to discontinuity characteristics

5.2.1

General considerations
It is well recognized that the geological characteristics of a rock mass can be fundamental in the optional siting and detailed design of cavern structures. Where other constraints dictate the location and orientation of the opening, the engineering must take into account the range of geological conditions envisaged.
In general, however, for all projects there must be an early and adequate appreciation of the principal geological constraints and consequences on the design and construction. Such factors thus need to be given a
representative weighting for meaningful siting and alignment assessments.
Engineering geological assessment typically comprises the development of siting models that are key
references in the scheme layout (Fookes 1997). The development of sectional models of the rock mass that
facilitate the comparison and evaluation of rock masses for their suitability, and allow the development and
subsequent optimization of designs specific to geological environments are often overlooked in design studies. Geological sectional models (Figure 5.2) developed for a host rock mass provide a framework from
which stability models can be developed, parameters assigned, and the principal controls of rock mass response identified. The models should take into account the risks and hazards identified which may include
items that have not been specifically identified in the site area but are known to be typical of the lithology
and therefore features that could be encountered during excavation.
Accurate appreciation of the rock mass response will significantly influence the selection of excavation
geometry, methods and support procedures that may not otherwise be evident from general geological data.
This becomes particularly apparent in heterogeneous or layered materials, which cannot be represented by
single measures of rock quality. The limitations of rock mass characterizations have been summarized in a
number of papers including in particular Cripps et al. (1993). As Prof. Hudson concluded, “each engineering project could have some unique feature that causes the problem”, which implies the need for a review of
the fundamental geology and associated weaknesses prior to attempting any kind of rock mass classification.
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Figure 5.2: Geological section model - typical
example (Simon Allen 1995)

Finally, the level of detail incorporated into engineering
geological siting studies needs to be commensurate with
the particular design stage, from initial feasibility or option evaluation, through to detailed design.
It is unfortunate that often little emphasis is given to
the meaningful definition of the physical excavation characteristics with emphasis on the rational treatment of geology, particularly structural. Although being a requisite of
many design texts and approaches (e.g., Goodman and Shi
1985), it is not uncommon that the form of analysis (and
generally its limitations) will dictate the definition of input
criteria thus denying a proper and fundamental account of
the controlling physical processes. Important in this context is the example set by Barton and Choubey (1977) and
Bandis et al. (1983) in the physical description of discontinuity characteristics.
The approach advocated in this section, dealing with
structurally controlled excavation design, emphasizes the
importance of the fundamental geological model at all
stages of design and the related, representative descriptions of the rock mass behaviour. The understanding of
the in situ stress and groundwater states and their potential
variations needs also to be emphasized.
For the purposes of this general survey the principal
influences of rock mass characteristics are reviewed and
two contrasting summary generic rock masses developed.
For preferred civil underground excavation host environments, the key geological attributes are:
- moderate to high rock material strength,
- good rock mass quality,
- high geomechanical uniformity (homogeneity), and
- absence or low frequency of major geological deformation structures (incl. joints, shears, faults, etc.)
The broad relationships of these attributes to underground
excavation design are described next.
5.3

Figure 5.3: Impact of structure on cavern
crown stability (after Hudson and Harrison
1997)

Key geomechanical considerations
In general, cavern developments must address both
the geometrical requirements to suit the operational purpose and the optimum arrangement in terms of geological
controls. The latter usually relates to structural geological
features (principal discontinuity systems) except at depth
where induced stresses relative to rock material strength
may dominate (see Sections 2 to 4).
In most cases of cavern design and siting, it will be
possible to optimize the orientation to avoid the cavern
axis running sub-parallel to principal discontinuity sets
that are steeply dipping. Such features could adversely
impact either crown or sidewall stability (particularly the
latter) as indicated by Figure 5.3.

5.3.1

Rock material strength
Adequate strength, as defined by the unconfined compressive strength of the rock, is a fundamental index parameter of the rock mass quality, which controls the response of the rock mass to imposed stress and
the potential generation of induced fractures (including natural fracture extensions). Detailed designs may
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also consider the effects of tensile strength, although this is usually of secondary importance for civil engineering structures in fractured rock masses.
Rock mass structure
Geological structures (and their geomechanical properties) control the response of the rock mass to
stress, and together with material strength define the overall rock mass quality, strength and elastic constants.
Geological structure includes discontinuities in the form of regular jointing patterns in all rock types particularly igneous rocks, bedding in sedimentary rocks and foliation (incl. cleavage and schistosity) in metamorphic rocks.
A degree of structure within a rock mass may, under more elevated stress conditions, be favourable to
assist in the redistribution of stress around the cavern opening and the reduction of the risk of material shear
failure. However, adversely orientated structure comprising planes of significant weakness is detrimental to
cavern stability, both in terms of stress redistribution and local block or wedge instability. A minimum value
for rock mass quality Q (Barton et al. 1974) (which is sensitive to structural variations) as defined for openings of a given span or geometry versus depth, based on
precedent, can provide a useful first indicator for under1200
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5.3.2

5.3.3

Homogeneity
Geomechanical uniformity is a key consideration controlling the scale of variation within the rock
mass, which is significant in relation to excavation size and zone of stress influence upon excavation. A target lithological unit, potentially situated within an otherwise variable stratigraphy, of greater thickness than 3
to 5 times the proposed excavation height (or span) is suggested for optimum siting and design. This leads
to a requirement for a rock mass, which can be considered geomechanically uniform over the target thickness of greater than 30 to 100 m for a typical civil engineering opening. This in turn may imply the need for
a relatively detailed appreciation of site stratigraphy particularly for deeper cavern sitings in variable rock
masses.
5.3.4

Occurrence of major geological structures
Major geological structures comprising faults, shear zones, zones of alteration (typically hydrothermal)
and mineralization or high concentrations of major (master) through-going joints will generally be detrimental or a risk to the intrinsic stability of the cavern excavation. Rock masses where these features are absent
or have a low frequency in order that they may be avoided are clearly beneficial in terms of siting. Appropriate, targeted, site investigation can assist with the site development process where such features are to be
avoided. Minor rock types as encountered in igneous complexes that have significantly different characteristics from the parent rock should also be assessed in terms of orientation frequency, characteristics and potential behavioural response.
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5.3.5

In situ stress regime
The in situ stress state is a fundamental input in the control of underground excavation stability and
needs to be carefully established from reference data and in situ measurements. Of particular importance to
both the geometrical form of openings and the subsequent intrinsic stability is the stress ratio Ko between the
maximum and minimum principal stresses. A three-dimensional appreciation of the stress field is important
for the rational siting and orientation of cavern structures as well as in the subsequent analysis of two dimensional excavation cross-sections.
For excavation design knowledge of the overall stress field should be gained from a two-fold approach
of geological stress history (especially the geomorphologic and tectonic processes) and in situ measurements
using multiple borehole measurements with a triaxial strain cell device (see Section 2 and Hudson and Harrison 1997). The need for multiple measurements throughout the cavern domain is to allow the overall in situ
stress field, pertinent to excavation design, to be reliably inferred.
5.3.6

Additional factors
Host stratigraphy judged to be suitable in terms of geomechanical properties need also to be assessed
for their occurrence and geometry, in particular the location and thickness. Other issues that may warrant
consideration include the geothermal gradient and tectonic activity. Hydrogeology may also be a concern
and may require particular input to alignment models in terms of regional hydro-geological setting, and rock
mass hydro-geological containment criteria.
5.4

Categorization of potential host rock masses for cavern siting
In some countries and regions, e.g., Norway, Sweden and Hong Kong, it has been possible to locate
most large underground openings entirely within competent crystalline rock masses. Siting within sedimentary and volcano sedimentary sequences is however, becoming increasingly common and, in terms of the
large world sedimentary basins, inevitable. The evaluation process can be assisted by categorization of the
range of available sedimentary rock masses in terms of concept models for engineering assessment.
For sedimentary rocks, the environment of deposition is the primary control on the observed variation
in both lithological composition and homogeneity of the sedimentary stratigraphical units. The range of depositional environments and associated facies thus forms the framework for classification of engineering
rock mass concept models. Many other influences including burial depth, diagenesis and structural history
will also be significant but are usually subordinate controls.
Engineering geological concept models can thus be defined to constrain the complex variety of lithologies and stratigraphies present. The concept models permit a broad, initial evaluation of the candidate host
rock masses in terms of cavern geometry, stabilization and containment potential. For illustration purposes,
five summary rock types have been selected from the full range that are likely to represent the most suitable
host rock masses. Other rock masses, for example higher-grade metamorphic sequences, may require particular attention due to their complex nature if siting constraints dictate their consideration.
Candidate siting models listed below can be summarized into two groups according to the principal
geological structural controls. The principal structure has a significant control over the design of the cavern
geometry and the cavern engineering in general. Caverns engineered in Group 1 rock masses will therefore
contrast markedly with those in Group 2.
Group 1 - IGNEOUS AND VOLCANIC ROCKS
Principal structural control: Jointing (sub-vertical) :
Intrusives (Granites)
Extrusives (may be banded)
Group 2 - SEDIMENTARY ROCKS
Principal structural control: Bedding (shallow dipping) :
Aeolian sandstones
Reef limestones
Alluvial - Shelf sequences (sandstones - siltstones - claystones)
Summaries of the attributes of the two groups are included in Table 5.1.
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Table 5.1: Concept summary models – cavern siting and design
Concept
Model

Typical
strength
(MPa)

Typical
RMR

Typical
Q

Primary
discontinuities

Cavern design issues – risks

The presence of major structures in the form of
shear zones (and major jointing) with associated
hydrothermal alteration.
Group 1

150-250

>60

>20

Sub-vertical
jointing

Shear overstress developed on the steeply dipping structure in the haunch areas.
Block instability caused by adverse dipping
joints.

Group 2

50-100

35-70

7-20

Bedding,
generally subhorizontal

Bedding can form significant persistent planes
of weakness particularly where interbeds of
weaker (argillaceous) material is present. Interbeds tend to be sheared. Shear overstress on
such features is likely to be prevalent.
Strength is potentially marginal in relation to
squeezing rock problems. Will depend on bedding spacing and frequency of other jointing.
Solution features and enlargement of joint surfaces of limestones can also be problematical
for containment.

Notes:
- Q is an assessment of rock mass quality determined in accordance with Barton et al. (1974)
- Rock Mass Rating RMR is an assessment of rock mass quality determined in accordance with
Bieniawski (1974)
- The assessments of rock mass quality is made on the basis of the concept models and knowledge of the
rock masses they represent. The values quoted are indicative only and are a measure of the typical
rock mass conditions where unaffected by major structure and significant weathering.
5.5

Geometrical forms for cavern developments
Geometrical cross-sectional form of the cavern is the most representative comparative feature of which
span and height are the key summary parameters. As noted previously, it is usually possible to optimize the
orientation to avoid significant impacts from steeply dipping structure (see Figure 5.3). From this observation, it follows that the exception in terms of cavern arrangement and stability influence optimization is the
effect of sub-horizontal bedding and its particular influence on cavern crown (roof) stability. It can however
be noted that under such conditions the adoption of a silo (i.e. high aspect ratio vertical opening) may be
relevant, particularly for storage facilities to avoid major stability problems.
In general terms, it can be stated that cavern designs normally focus on a single cavern system even if it
is subsequently developed as a complex (multiple, usually parallel caverns separated by adequately sized
pillars). In addition it can be generally, although not always, identified that the upper cavern cross-section
(crown) is of principal importance in terms of geometry owing to its relatively critical stability state and the
potentially high unit cost of cross-sectional development compared with lower stages.
In terms of geometrical constraints (including both location and shape) caverns can be broadly classified in terms of degree as shown in Table 5.2.
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Table 5.2: Underground caverns – geometrical considerations and constraints
Principal cavern types

Location constraints
(degree)

Orientation constraints
(degree)

Geometrical constraints
(other than geology)

HYDROPOWER

MODERATE

LIMITED

Plant dependent; can use
multiple caverns to reduce spans

TRANSPORT
- stations
- crossovers

HIGH
MODERATE

HIGH
MODERATE
(Alignment dictated)

OIL STORAGE
and
WATER (fresh, storm
or waste) STORAGE
GAS STORAGE

OTHER BULK
STORAGE
(Coal, Domestic Waste
Archives, Cars)

LOW
(Proximity to water or
pipelines)
MODERATE
(Usually stress and/or
groundwater requirements
for pressure containment)
MODERATE
(Possibly high in urban
locations)

Figure 5.5: Cross-section of the Gjovik ice hockey cavern, Norway

NEGLIGIBLE

NEGLIGIBLE

NEGLIGIBLE
(Possibly moderate in
urban locations)

Track / platform layout
Track separation
Minimal; Unless specific
lining system (form)
employed for containment
Moderate; pressure response design in terms
of stress - containment
factors
Minimal; access for
placement and retrieval
of product may be important

From the above table, it can be seen that
cavern geometry is often not closely constrained
by the cavern usage. This is particularly true for
most storage uses. Under such conditions therefore, cavern volume unit cost often becomes the
guiding parameter for design optimization.
In certain cases such as hydropower with
low to moderate head and high capacity units,
span may become a critical requirement. In a
few cases such as the Gjovik ice hockey cavern
(Barton et al. 1991), minimum size (in terms of
span and plan area) is completely dictated by its
end use (Figure 5.5).

5.5.1

Geometry and geology - key principles
The other constraint to geometry, which is the subject of this section, is the structural geology of the
rock mass. The recognition of this factor and its incorporation in the fundamental excavation design and
layout, along with in situ stress considerations, is still an area for the rock engineering development of
underground civil structures.
Hard intrusive or extrusive rock masses
In hard, discontinuous rock masses of these classes, the overall cavern designs will be primarily related
to the principal discontinuity sets. The excavation cross-section will usually be formed of two key components, namely: a large radius crown or roof arch, and vertical sidewalls.
Such excavations are typified by large underground excavations for oil storage and hydropower as developed in Scandinavia (Finland, Norway and Sweden), utilising the principles of least cost, unit volume
space, as illustrated by Figure 5.6.
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The cavern crown radius can be modified if subhorizontal discontinuity sets are prevalent to a radius of
the order of 5-times the span or greater to avoid excessive
haunch instability. Radiused corners (e.g., 0.2-times the
span) will assist in the placement of rock reinforcement,
the primary support type envisaged for such environments in conjunction with shotcrete linings.
Shallow dipping sedimentary environments
These environments, making up a very significant
part of the earth’s crust, have historically been exploited
for their relative ease of excavation and are structurally
defined by bedding. In many cases, significant anisotropy may be present due to variations in the interbedded
nature of the rock types. Particular stress conditions
(typified by high horizontal stresses) are commonly a
feature of such environments.
The relationship between geometry and structure is
extremely important in this class of rocks, and whilst the
fundamentals of appropriate design have been established
for well over a century in mining (particularly in coal
Figure 5.6: Major storage cavern - Sweden
mining), the application to large-scale permanent under(after Franzen and Hultin 1988)
ground openings has been limited. Both experience and
theory have shown that in ‘flat’ (bedded) or ‘square’ (bedded
and jointed) geological structure, opening geometry for large
discrete openings should be compatible (i.e. rectangular not
circular). Whenever possible design with the rock (see Figure
5.7).
A special issue in this respect is the recognition of a flat
roof span (conformable to bedding) that can be reinforced as
required based on beam lamination principles. Whilst the
system is best known for its application in horizontally bedded rocks (Lang and Bischoff 1984; Coffey 1995), it can also
be applied to dipping strata. The alternative use of arched
profiles in such rock masses is intrinsically unsound in terms
of loosening and hence, destabilization by shear overstress of
the critical haunch zones (see Figure 5.8). The process is

Figure 5.7: Cavern geometry - design with
the rock (after Hudson and Harrison
(1997)
simply explained by the so-called shear overstress; a theory originally applied by Endersbee
(1975), and more rigorously presented by
Goodman (1989). The inability to assess or reinforce such profiles adequately has led to significant delamination of major spans typified by
the incidents at Portage Mountain, Canada in

Figure 5.8: Behaviour of arched profiles in bedded rock
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1968 (130 mm crown deformation
on a 26.5 m arch span; Imri and
Jory 1979) and more recently at the
UK Channel Tunnel Crossover
(40 mm sudden crown deflection on
a 20 m span).
The generation of wide, flat
spans, using beam lamination techniques, requires special consideraFigure 5.9: Haunch arrangements for caverns to limit flat span extent tion in terms of design approach
and methodology. In particular the system relies almost entirely on a composite of rock and rock reinforcement for stability. For this reason, the design needs to be based on a reliable set of geo-mechanical parameters, including in situ stress conditions. Full account must be taken of all uncertainties. In weaker, bedded
rock masses, the span may need to be limited by haunches to give a trapezoidal excavation form, as shown
on Figure 5.9 (Sharp et al. 1984). The use of rock reinforcement, fully integrated with reinforced shotcrete
linings, forms a composite reinforcement / lining system in such weak rocks (Sharp and Lawrence 1982;
Sharp 1990). The sidewalls of excavations in horizontally bedded rock, even with weak bedding partings
and elevated stress conditions, have been shown from well-documented case studies to be inherently stable.
They can however be subject to moderate - high lateral deformations and under elevated stress states, timedependent response (Sharp and Mellors 1982).
5.6

Precedent experience of cavern design – established limits and criteria – Year 2000

5.6.1

General survey scope
In a recent comprehensive study of cavern usage (Geo-Engineering 1996), caverns were indexed into the
following key types that are related primarily to end usage. Large cross-section tunnels were also included.
Cavern or opening type
I
II
III
IV
V

Usage class
Power Caverns (Hydro Electric Developments)
Storage Caverns
Other Major Caverns (including transport related openings)
Large Tunnels (various - mainly transportation and water)
Permanent Mine Openings and Chambers (Pump Stations, Hoist Chambers)

The study was based on a wide-ranging global survey and was developed and augmented by a more detailed assessment of related projects that included sufficient data to permit an interpretation of rock mass
quality Q.
5.6.2

Geological indexing strategy
Geological classification of the projects was used to define a broad basis for comparison between
different rock types that was considered to have a material influence on the intrinsic stability characteristics.
The overall strategy described in Table 5.3 was used to define the related geological environment.
5.6.3

Basic cavern geometrical characteristics - type - span - depth

Power caverns (Type I)
Precedent construction in this field is dominated by caverns associated with hydroelectric developments
that are generally at a shallow to moderate depth. Depth is controlled both by waterway pressures and access
requirements. All classes of geological conditions are found in such examples although there is always a
tendency to exploit more competent sites where available. For power caverns, the cavern construction is
usually only a single part of a multi-component scheme and hence is not necessarily optimised in terms of
minimizing rock support through preferential orientation. The cavern sizing will be dictated by the internal
hydro-mechanical plant requirements and will not necessarily involve the development of limiting economic
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Table 5.3: Categorization of principal rock mass types for cavern developments
A Competent
Intrusive

Granite, gneiss, granite schists
(including more competent
mica schists), massive
conglomerates, greenstone

Generally good quality intrinsic rocks (often
granitic) with moderately developed jointing. May
be partly metamorphosed but not displaying
ubiquitous weak fabric. Rock material generally
strong. Extended to incorporate more massive
rocks not classified elsewhere. If tectonized to any
significant degree classified as faulted (F).

Andesite, basalt, rhyolite,
ignimbrites, tuffs

Generally good quality extrusive rocks with
moderately developed jointing. Tuffs may be weak
in some cases. If tectonized to any significant
degree classified as faulted (F).

Slates, phyllites, amphibolites,
schists

Rocks with well developed fabric due to
metamorphism. Generally strong contrast between
discontinuity and material strength. Anisotropic
behaviour.

D Sedimentary
Rocks Non-Calcareous

Sandstones, siltstones,
claystones

Generally rocks of varying competence (depending
on clay content) and with well developed
stratification. May be complex “en masse” as a
result of interbedded strong and weak units.
Weaker clay-rich units often moisture sensitive.

E

Limestones, marble, chalks,
marls

Category reserved for calcareous rock classes that
may vary from competent, massive limestones to
weak chalks, often with stratigraphic
characterization. Marls often contain moisture
sensitive clay components.

Rocks

B

Competent
Extrusive
Rocks

C

Foliated,
Metamorphosed
Rocks

Sedimentary
Rocks Calcareous

F

Faulted Rocks

Unclassified

spans except in less competent rock masses. In such cases, the use of multiple cavern complexes is made to
limit the maximum span.
Storage caverns (Type II)
The field of storage cavern development is generally dictated by the need to create maximum
underground volume at minimum unit cost. Such cavern developments thus represent a particular type class
that has usually been optimised to this end. This includes significant geometric factors such as cavern shape,
height and span. For bulk storage of fluids, shape is often unimportant but for mechanically handled storage a
regular cross-section geometry is usually aimed for. Commonly, storage caverns are located at shallow depth
except where particular constraints for pressurized storage are called for.
Other major caverns (Type III)
Major caverns other than power or storage caverns are associated with a variety of end uses, the most
notable being transportation. Caverns in this class encompass a range of different geometries, some of which
can be very significant in span (most notably the Gjovik ice hockey stadium in Norway, with a span of 62 m).
For constructional as well as operational access reasons, such caverns are usually located at a shallow depth.
Permanent mine openings (Type IV)
Permanent mine openings and chambers such as used for plant installation form a special class of cavern, since they are invariably constructed at a significant depth below surface. Unfortunately, they are often
poorly documented in terms of geology and rock support and they tend to be located in more favourable rock
conditions to minimize support problems and cost.
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5.6.4

Precedent findings - general

Figure 5.10: Permanent cavern data:
span - depth (cover) characteristics

The cavern geometric data
have been plotted to show the basic
relationship and experience between
span and depth. This data according
to cavern type are shown on Figure
5.10. (The different cavern types are
shown by symbolic presentation.)
The data used were drawn in part
from the US Corps of Engineers
report (1980) with significant
updates from other sources, e.g.
Sharp (1989) and Geo-Engineering
(1996).
From this initial general survey
of constructed experience, it is
evident that for caverns with a depth
of cover up to 200 m, spans up to
35 m are common. Between 200 m
and 500 m depth, maximum typical
cavern spans generally diminish

from 30 m to the order of 20 m.
At depths on the order of 1000 m, the degree of precedent is restricted due to lack of data. Typically
cavern spans are always less than 20 m and generally of the order of 15 m.1
The prominence of Geology Class (domain) A over all other types is noteworthy as is the paucity of
relevant data in Class B, the extrusive rocks class.
5.6.5

Specific cavern geometrical characteristics

Span - depth characteristics - rock reinforcement supported caverns
A selected database for caverns principally supported by permanent rock reinforcement, often used in
conjunction with shotcrete linings
was derived and is shown in Figure
5.11. The database is significant in
relation to the total database indicating the generally accepted use of
this permanent support system
(rock reinforcement) for large cavern excavations.

Figure 5.11: Permanent rock reinforcement supported caverns:
span - depth (cover) characteristics
1

Span - height characteristics
The cavern span - cavern
height characteristics are of interest
in that they indicate the range of
precedent for different cavern
geometries. The span - height
characteristics for all data, in the
span range 10 to 40 m, are shown
on Figure 5.12.
The trend, ignoring depth,
clearly shows a typical upper bound

The Solar Neutrino Observatory in Sudbury with a span of 22.9 m at a depth of 2072 m constitutes and exception (Oliver 1992).
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for cavern heights equivalent to twice the
cavern span. These data forming this upper
bound limit are generally derived from hydroelectric and storage cavern types.
Cavern height – depth characteristics
The cavern height, as with the cavern
span would be expected to diminish with depth
primarily as dictated by increasing support
requirements to counter elevated stresses. The
cavern height – depth of cover characteristic is
shown on Figure 5.13 for depths up to 1000 m.
Up to a depth of about 1000 m, cavern
heights of up to 30 m are not uncommon. Below a depth of some 1200 m, cavern heights
rarely exceed 20 m. Again, the Solar Neutrino
Observatory at more than 2000 m depth is a
notable exception.

Figure 5.12: Permanent cavern data:
span – height characteristics
5.6.6

Span / height ratio – depth characteristics
The span/height ratio is a useful indication
of precedent cavern geometry vs. depth and is
plotted in Figure 5.14. Of note is that a
minimum cavern span / height ratio as low as
0.4 has been commonly utilized at depths up to
600 m where stresses can be considered as
significant (height up to 2.5-times the span).
Further data to support such low ratios are also
available in the depth range 1000 to 1400 m.
The comparative figure for the maximum ratio
of cavern span / height beyond 200m is on the
order of 1.2.

Excavation – support characteristics
Of interest in the application of support systems are the following key factors:
- type of rock reinforcement,
- crown rock reinforcement length –
span characteristics,
- sidewall rock reinforcement length
– cavern height characteristics,
- crown rock reinforcement support
pressure – span characteristics, and
- sidewall rock reinforcement support pressure – cavern height characteristics.

Figure 5.13: Permanent cavern data:
height depth (cover) characteristics
Kaiser et al. – Geo Eng2000

Rock reinforcement
The types of rock reinforcement
commonly used for cavern support and as
defined in this study are:
- Rock anchors - generally longer
length, tensioned, permanent reinforcement units; usually monobars
but may be strand type also.

5.13

-

Cablebolts - generally longer length, grouted
cables installed often as pre-support; usually
untensioned. Rather specific applications.
- Rock bolts - Shorter length, often termed secondary reinforcement units (to distinguish from
rock anchors). Fabricated from monobars; usually tensioned but can be untensioned and
commonly then referred to as dowels.
Many cavern support systems comprise different
length units that often are split into primary and
secondary support functions. This may involve the
utilization of a hierarchy of types such as longer rock
anchors for primary units combined with shorter rock
bolts or dowels for secondary support.
The use of untensioned rock bolts (dowels) is not
significant in terms of overall support of major caverns.
However, within the scope of the New Austrian
Tunnelling Method (NATM), there is sometimes a
strong bias towards the use of untensioned fully
bonded units partially to allow mobilization of rock
mass strength through initial deformations. Whilst this
practice originates from experience in deep alpine
tunnels in weaker (sheared) rock masses (and
sometimes the limited functional importance placed on
rock reinforcement), it may have application
elsewhere. The philosophy adopted for cablebolt
design, originally developed for the mining industry,
Figure 5.14: Permanent cavern data:
follows similar lines in assuming the need to
span / height – depth (cover) characteristics
accommodate significant deformations.
For hard, competent rock masses, the use of tensioned reinforcement is generally preferred in order to
optimise the effect and benefit of the reinforcement system (see Section 4 and Sharp et al. 1979). Results from
a comparative study on cavern support are also available from Cai et al. (2000).
Shotcrete linings
As noted previously shotcrete linings are commonly utilized with rock reinforcement. Precedent
information on lining details is quite limited and therefore not readily amenable to comparative assessment.
Because of the cavern dimensions involved, it is reasonable to infer that for the majority of cases the
shotcrete lining performs a secondary function to the rock reinforcement and may in many instances be
primarily there for safety protection against minor rockfalls rather than an overall stabilization component.
As the rock mass conditions, in which caverns are constructed, become weaker then the relative significance of
the lining increases. For the weaker rock types in Geological Classes C, D, E, F (see Table 5.3), shotcrete
linings may form a key component. Sometimes, however, this is only temporary on the basis that final
concrete linings for such rock types are often employed.
Crown rock reinforcement length - span characteristics
Currently available data on rock reinforcement lengths are given in Figure 5.15 for span ranges up to
40 m. The data given are generally the maximum reinforcement lengths for the particular cavern application
and hence, indicate the characteristics of the primary system. As might be expected, the use of rock anchors is
generally reserved for longer length applications (although not always). Representative data on cablebolt
applications for civil engineering applications are quite limited.
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Figure 5.15: Permanent rock reinforcement:
crown rock reinforcement length - span characteristics

It is evident that a minimum
(primary) reinforcement length of
some 3 m is utilized for caverns up to
spans on the order of 20 m. For
larger spans, minimum lengths
progressively increase from 3 m to
5 m for spans greater than 30 m.
Such minimum lengths clearly apply
to more competent rock conditions.
The data on maximum reinforcement length are difficult to
rationalize, as lengths in excess of
10 m cannot always be justified in
terms of the design considerations
actually used. It is evident however
that a significant number of caverns
utilize maximum rock reinforcement
lengths on the order of 6 to 7 m for
spans up to 20 m with an increase to
about 10 m for spans of 30 m.

Sidewall rock reinforcement length - height characteristics
The currently available data that
could be verified are given in Figure
5.16. In general, the data presentation
indicates the use of relatively long
rock reinforcement, often in excess of
10 m. When assessing this plot however, it should be recognized that
unlike the crown reinforcement database, there are many cavern sidewalls
up to 20 m in height that are not systematically supported.
Although it is not uncommon for
sidewalls to be influenced by particular stability problems involving unfavourably dipping major structures
(faults) that may incur longer and
higher capacity sidewall reinforcement
in specific zones.
From the data field on minimum
Figure 5.16: Permanent rock reinforcement:
length, the use of 5 to 6 m long units
sidewall rock reinforcement length - height characteristics
(usually rock bolts) is common up to
cavern heights of 30 m. With increasing heights up to 60 m, the unit length progressively increases to a range of some 10 to 15 m. In terms of
maximum representative lengths, typical values range from 10 to 20 m for a corresponding height range of 10
to 50 m.
Crown support pressure - span characteristics
The available data, as shown on Figure 5.17, are limited owing to the lack of clear published information
on rock reinforcement layouts. In addition it is considered that different national design approaches also
influence the consistency of the data.
The support pressure (working capacity) used varies significantly from 25 up to 200 kN/m2 (2.5 up to 20
ton/m2) with little or no support pressure - span trend being evident.
Kaiser et al. – Geo Eng2000

5.15

Sidewall support pressure - height characteristics
The available data, presented in Figure
5.18, show a similar degree of scatter to the
crown support pressure data reflecting again a
wide range of design approaches in practice.
5.7

Design approaches for discontinuous
rock masses

5.7.1

Principles
The design of underground openings, as
well illustrated by Hudson and Harrison
(1997), is in principle a two stage process involving:
Figure 5.17: Permanent rock reinforcement:
- identification of plausible failure mechacrown support pressure - span characteristics
nisms, and
- design solutions to mitigate against such
mechanisms through the application of
engineering principles, usually, but not
always, utilising rock reinforcement.
The correct identification of plausible
failure mechanisms is entirely reliant on appropriate geological and geomechanical
evaluations as previously outlined. If these are
trivial in nature, uncertain, or incomplete, the
design will be likewise and unreliable.
The use of design solutions will involve
both the use of appropriate geometrical forms
to utilize as far as possible the intrinsic stability of the rock mass (orientation, shape, etc), as
well as the introduction of reinforcement and
lining elements. In the application of such soFigure 5.18: Permanent rock reinforcement:
lutions the key issues to be addressed will be
sidewall support pressure - height characteristics
as follows:
- Can the design demonstrate a valid margin of safety for the completed structure bearing in mind geological and geomechanical uncertainties and variability, and modelling (analysis) limitations?
- If not, can the design be validated or accordingly modified by representative (reliable) construction
monitoring including geological evaluation and performance assessment?
The issue of construction technology (see Kaiser 1986) is also of key importance in the design of cavern structures.
For all designs that involve novel or extended applications, validation of the design through performance monitoring should be considered as essential. The incorporation of such measures and their validity
needs to be addressed as a fundamental part of the construction process and not left as an ad-hoc, ‘maybe’
pseudo-academic exercise to be defined (or disputed) during construction (Sharp et al. 1977; Dunnicliff
1988).
5.7.2

Design methods - general
The identification of underground instability mechanisms and appropriate stabilization designs for discontinuous rock masses have been well covered in texts by Hoek and Brown (1980), Goodman and Shi
(1985), Hoek et al. (1995), Hudson and Harrison (1997) amongst others. The mechanisms cover the following structurally controlled cases in detail and will not be discussed further here:
- overhead block falls (usually tetrahedral in nature)
- sidewall wedges (usually bounded by a major dipping discontinuity)
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Other structurally controlled failures that generally lie outside such texts in terms of both mechanism
definition and design (reinforcement) solutions are as follows:
- Shear overstress of rock masses commonly generated by the unfavourable orientation of principal
stresses to bedding or cleavage planes (particularly prevalent in the crown and invert of openings in
horizontally stratified rock masses).
- Interactive stress - structure effects generating wedges or blocks bounded by discrete discontinuities.
- Slabbing or separation of steeply inclined, often tabular rock blocks in cavern sidewall situations.
- Discrete shear movements on faults or shears critically located in the cavern surround and subject to an
unfavourable induced stress state.
- Interactive failures involving water pressure (particularly important in sub-aqueous situations as occur
in the UK Channel Tunnel Crossover and the design of the CERN - LHC caverns).
- Stress-induced failures of intact or moderately jointed rock masses.
The principles of the last topic are well covered in Sections 2 to 4 and will not be discussed further here
except to note that the degree of measures used in the civil engineering field needs to address the permanent
or semi-permanent nature of the excavations.
Rock mass failures, which are complex, require a specific simulation of the particular conditions in order to firstly define the mechanism and secondly to analyse and design the remedial engineered solution.
The degree of interaction between the rock material, rock discontinuities, in situ stress field and the water
pressure regime prohibits the use of simplified algorithmic solutions and hence, it is necessary to employ a
simulation method that can incorporate all such features which, as noted before, must be sufficiently rigorously defined to permit a degree of confidence in the analytical output. This methodology created and developed by Cundall (1980) and implemented in the code UDEC™ 2 (discrete element) allows important
explicit modelling of the discontinuity state subject to representative constitutive behaviour as developed by
Bandis et al. (1983).
For all such assessments, it is valuable to consider in a formal manner the intrinsic state of stability with
respect to an unsupported or unreinforced excavation. The intrinsic stability characteristics of the cavern
system, particularly at depth, is a key factor in assessing the basic cavern operating response and in the determination of engineering stabilization and lining measures. In general, it is considered important to
achieve a cavern configuration that is as stable as possible under the prevailing environment. Given the
depth (stress) and precedent response from other caverns, this implies the adoption of a competent geological
environment along the lines discussed in Section 5.4 for all cavern developments at depth.
This approach allows proper recognition and consideration of the failure processes and their associated
uncertainties. Wherever possible modification of the layout and shape to minimize such failures should be
considered. Only after the completion of this stage should stabilization systems be considered.
5.7.3

Discontinuous rock mass assessment for numerical modelling
From initial concept models, targeted site investigation can be designed to provide data to facilitate development of the rock mass characteristics and to derive input parameters for suitable modelling. Where
complex, difficult or unprecedented rock mass conditions are involved, very careful consideration should be
given to full-scale access to the rock mass using exploratory tunnels and shafts. These will provide not only
the opportunity for a direct structural evaluation, but can be used for design property evaluation of in situ
stress conditions, groundwater state, etc. The use of trial excavations to observe full-scale performance for
subsequent model simulation can also be considered in more extreme environments (Sharp et al. 1979; Barla
et al. 1991).
The pragmatic simulation of the geological structure geometry is obviously very critical in the development of a geological model for use in discontinuum modelling. A key step is to delineate the scales of
structure that are most likely to control the deformational responses of the rock mass both in terms of mode
and magnitude. Outcrop and tunnel inspection can be invaluable in assessing key characteristics that are less
evident from drillhole data, even if the outcrop location is somewhat remote from the site.
An associated concept of importance is that of the effective block size. In discontinuum mechanics, the
“effective” block size is considered as an elemental discrete unit, beyond which scale effects in the shear
behaviour along the block contacts (viz. bounding discontinuities) will probably diminish. The concept
2

Available from Itasca Consulting Group, Inc.708 South Third Street, Suite 310 Minneapolis, MN 55415,
USA, http://www.itascacg.com
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evolved from identified interactions between cross joint spacing, rock mass stiffness, degrees of freedom for
independent block movement, modes of deformation (predominately translational vs. rotational shear) and
scale effects associated with the shear behaviour of individual discontinuities and is recognized as a key feature of reliable model simulations.
The effective block size is not necessarily the average ‘intact’ block as defined by the frequency of
jointing. The presence of persistent joints enclosing subordinate (in terms of continuity) fractures within a
set of joints may increase the minimum ‘hinge’ length associated with independent block movement in the
rock mass. Hence, the rock mass response may be controlled by blocks exceeding in size the so-called natural block size. In addition, considerable differences in shear behaviour may arise when the continuity of the
controlling structure is interrupted by cross cutting structure due to joint length associated potential influences on the following components of shear behaviour: peak shear displacement; peak dilation angle; peak
shear strength; and peak shear stiffness.
The following geometrical qualities that can be implemented in UDEC™, can be considered as the
principal controlling discontinuity functions: fracture spacing; angle of dip; continuity of individual discontinuities; distance (gap) between individual fractures.
5.7.4

Modelling studies for large caverns in discontinuous rock masses
The applied design of caverns requires a systematic input of the geological and rock mass characteristics (including appropriate variability) to a composite design model which will also incorporate any engineered features such as cavern support. As noted above, the design approach needs to utilize a computer
simulation model of the rock mass which will include both material and discontinuity properties and the effects of engineered stabilisation systems. Currently it is common for only two-dimensional cross-sectional
simulations to be employed. These simulations appropriately model the principal controlling elements in
terms of both structure and stress states. (It can often be reasonably assumed that the cavern longitudinal
axis will be sub-normal to the primary structural trend in terms of sub-vertical or steeply dipping joint sets.)
As such modelling assumptions need to be carefully reviewed and finally developed once the main structural
trends and the in situ stress state have been identified.
Computer programs such as UDEC are an accepted and valuable method for determining stresses and
deformations around openings under varying conditions and in turn relating these to material or discontinuity
strength parameters. Different cavern geometries may be evaluated in a theoretical rock mass and rock property assumptions varied together with the magnitude and direction of the in situ stress field. Critical stresses
in terms of potential strength exceedance may be evaluated at each sequence of the excavation.
From studies of the interaction of engineered support and the stress state in the rock surround, it is feasible to optimize the support requirements in terms of degree and extent usually in relation to the shear overstress state. Where significant weak features are present in the rock mass, the particular design of the
support system can be studied and compared with simpler gravitational wedge solutions.
A further key output from modelling studies is the prediction of cavern opening and rock mass deformations at various stages of the excavation development. These can be extremely valuable in the development of an excavation response model for construction control and design validation purposes during
operation.
5.8

Current state of the art – case examples
Several projects from the late 1900’s deserve mention as key case reference studies for the 2000’s. The
list is a mixture of recent developments selected for a particular aspect of rock engineering application for
large-scale permanent underground openings. In all cases they embody innovations that are highly relevant
to future applications. The choice also, to a degree, reflects the authors’ involvement on a number of projects:
Dinorwig Pumped Storage Scheme, Wales (UK) - 1980’s
A major cavern complex in slate with large spans (25 m) and major intersections carried out in a well
defined, but anisotropic rock mass. The largest cavern complex of its kind in Europe, it pioneered a number
of rock engineering systems including a complete dependency on rock reinforcement (Douglas et al. 1979).
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Drakensberg Pumped Storage Scheme, South Africa - 1980’s
A major underground development in weak, horizontally bedded rock that utilized separate caverns to
limit spans and machine pits to limit cavern height. The rock engineering was an extension of the Poatina
project in Tasmania with rectangular or trapezoidal cavern profiles. The caverns incorporated permanent
shotcrete linings fully integrated with rock reinforcement to protect the siltstones and claystones that deteriorated on exposure (Sharp et al. 1984; Endersbee and Hofto 1969).
Givat Shemen Oil Storage Project, Israel - 1990’s
A significant cavern complex in weak, fractured chalk that involved long, circular profile caverns excavated by roadheader. Extensive in situ and laboratory studies to define rock mass characteristics were executed. Support was optimized by means of monitored trial enlargements and comprised a rock
reinforcement - shotcrete system (Barla et al. 1991).
Gjovik Ice Hockey Stadium, Norway - 1990’s
With a span of 62 m, this was one of the most innovative cavern developments of the last century. Excavated in hard but fractured rock, it represents the essence of Norwegian technology in underground rock
engineering (Barton et al. 1991).
Channel Tunnel Crossovers, France, UK - 1990’s
There were two significant undersea caverns on the Channel Tunnel Project in weak, bedded chalk marl
that was subject to significant hydrostatic pressures. Contrasting excavation - support systems were used
involving NATM staged excavation - support system on the UK side and stacked multiple drifts (rock replacement technology) on the French side.
Complex Transportation Tunnels, Hong Kong - 1990’s
Major tunnel and portal complex in close proximity for the Airport railway system. Excavated in hard
jointed rock below sensitive buildings and adjacent to an operating railway, the excavations are a good example of complex interactive design and construction in rock engineering.
Storm Water Cavern, Jersey - 1990’s
An example of modern cavern engineering in very close proximity to an urban environment using a
progressive excavation - reinforcement system and integrated shotcrete linings. The linings were finished to
a smooth surface to facilitate washdown. Integrated and pressure relieved main tank linings were also a
novel aspect of the scheme.
Eastern Distributor Project, Sydney, Australia - 1990’s
A major road tunnel system utilising significant flat spans in the horizontally bedded, moderate strength
Hawkesbury Sandstone. Major and significant application of rock reinforcement applied to flat spans with
shotcrete linings. Intersections involve up to 5 lanes of traffic with a 3 lane double decked tunnel forming
the major element. (A development of techniques used previously at the Sydney Harbour Opera House)(Justice 2000)
CERN LHC Project, Geneva - 1990’s and 2000’s
Major cavern complexes in sedimentary rock below saturated gravels including a twin cavern with a
span of 26.5 m + 18 m. Very large cavern cross-sections (1400m2) and caverns in close proximity. Major
shaft and cavern intersections.
5.9

Future trends and challenges
The development of civil engineering related permanent underground openings faces challenges in a
number of fields some of the more notable being:
•
Discrete excavations at depth for fluid / gas / waste containment purposes.
•
Large scale excavation complexes at depth to form underground pumped storage reservoirs.
•
Tunnels and associated caverns under high mountains for transportation use (see Section 6).
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The application of a widespread spectrum of cavern development has been particularly pioneered by
the Swedish rock engineering community (Franzen and Hultin 1988).
In general, as can be seen from the precedent data, the development of caverns at significant depth is
currently restricted to those with spans not exceeding about 15 m. The potential to increase this size whilst
at the same time retaining reasonable levels of rock reinforcement and associated lining systems is an obvious area for development.
For the development of large scale discrete openings, there will be a tendency to identify selected rock
environments that afford reasonable levels of intrinsic stability as identified previously as Group 1 and 2
rock types. The development of potential future designs in relation to these two environments is considered
further below.
5.9.1

Excavation - support requirements
The selected rock mass type groups, namely igneous
and competent sedimentary rocks, need to be considered
separately in terms of schematic design due to the implied
difference in intrinsic response caused by different discontinuity systems.

Figure 5.19: Cavern cross-section in granitic
rocks - target cross-sectional arrangement
and support

Igneous rock environments - cavern excavation arrangement
The igneous rock environment is likely to be characterized by a hard, competent crystalline rock material. The
rock mass will be characterized by geological structure that
is steeply dipping and of a tectonic origin. In some rock
types additional discontinuities resulting from cooling could
occur.
In such rocks, which will typically be fresh to slightly
weathered in nature, the jointing is expected to be limited in
development with high degrees of interlock between surfaces and hence strength. Occasional major joints may be
encountered that will require enhanced localized stabilization.
An inferred optimum geometry for a cavern in such a
rock mass at depth is shown on Figure 5.19 The shape is
aimed at minimizing rock reinforcement requirements whilst
offering a readily constructable and volume efficient profile.
A relatively flat arch crown is utilized with straight upper
sidewalls and slanted lower sidewall sections.

Sedimentary rock environments - cavern excavation arrangement
The selected sedimentary rock environment is likely to be characterized by well-cemented sand or silt
sized particles giving a competent rock material. The rock mass will be characterized by geological structure that is primarily sub-horizontal in nature (bedding).
The cavern vertical interval would typically be selected to lie within a consistent massive unit of sandstone, siltstone or limestone devoid of major bedding partings due to finer grained sedimentary interbeds or
carbonaceous horizons. Other jointing, likely to be sub-vertical, would typically be subordinate in nature
relative to the bedding.
The inferred optimum shape for a cavern in such a rock mass at depth is shown on Figure 5.20. A flat
crown section is employed with haunches, straight upper sidewalls and slanted lower sidewall sections.
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5.9.2

Figure 5.20: Cavern cross-section in sedimentary rocks - target cross-sectional arrangement and support

Cavern excavation methodology
The cavern excavations, because of scale, will almost
certainly be excavated using a drill and blast technique
based on the nature of the rock mass as well as the cavern
layout. It is however possible that other techniques, such as
a full face tunnel boring machine, could be considered particularly for the crown section in future design developments.
In order to achieve a good degree of intrinsic containment from the cavern rock mass surround, a high standard of
excavation will be needed in order to minimize any disturbance beyond the excavations profile. The development of a
controlled profile will always be cost efficient in comparison
to executing remedial works on poorly blasted, damaged
surfaces.
A controlled blasting process incorporating a high
specification, accurate drilling system, backed up by a comprehensive blast design programme should be utilized. Key
features of this programme are the design of the cavern perimeter or profile blasting element using specialized techniques such as pre-split or smooth blasting systems. This in
turn needs to be fully integrated with the bulk blasting programme to ensure that the excavated rock mass profile is left
in as sound a condition as possible.
The excavation standard can be measured using an assessment of the percentage of perimeter blastholes visible.
For the storage cavern application a figure of the order of 50
- 75% would be a good target for the favourable rock conditions.

5.9.3 Cavern stabilisation systems
Based on the site selection criteria adopted, the cavern excavation is expected to be stable in an overall
sense and hence, will not be subjected to large-scale failures involving deep seated structures and movements.
The cavern stabilization system will primarily satisfy two functions:
- Provision of a general level of cavern profile support as required.
- Reinforcement of specific major structure in the vicinity of the cavern.
Both functions would be achieved by means of a rock reinforcement (rock bolting) methodology using
a corrosion protected system to ensure long term performance. In addition to the rock reinforcement, reinforced shotcrete would be used over certain parts of the cavern to provide additional support to localized
zones which exhibit profile stability problems (possible as a function of stress related spalling). The shotcrete could also be used to provide a partial containment lining system.
5.9.4

Cavern profile support - general
The reinforcement would be installed as a pattern in line with each excavation stage, primarily to control discontinuity overstress and to prevent spalling of the profile under the inferred induced stress state. The
bolt lengths for such processes would be relatively short as indicated. The bolt types would be designed to
allow for some controlled rock deformation / strain release to occur principally during the cavern excavation
stage.
The reinforcement system would utilize an end anchored bolt arrangement, tensioned deformed bar and
faceplate. Following further excavation of the cavern and after due allowance for deformation response, the
system would be fully bonded (encapsulated) to allow for both corrosion protection and a long term composite reinforcement response.
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The bolting of the cavern systems as shown is obviously only indicative. Final layouts would be based
on a detailed design study based on representative rock mass property assessments. It is also likely, considering the nature of the cavern development at significant depth, that in situ trials involving a monitored cavern response would be required.
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(SOME) CHALLENGES OF DEEP CIVIL TUNNELLING

Civil tunnelling is experiencing a new boom, particularly in Europe and Japan. Many new developments have occurred over the last several decades. Mechanical tunnel excavation has become more widespread and new exploratory tools are available. In Switzerland, for example, the 19.1 km long Vereina
Tunnel, under construction since 1991, was just put into service in 1999. The construction of deep alpine
base tunnels has started with the 34 km Lötschberg Tunnel, and will be followed by the 57 km long Gotthard Base Tunnel. Many important lessons have been learned and new developments together with historic
precedents are illustrated here from this recent experience.
6.1

Site characterization for tunnelling – an ongoing challenge
The first deep tunnels were built for the railways, 120 to 140 years ago, to cross below the main ranges
of the Alps. These tunnels are located at the mid-level of the mountain ranges at elevations ranging from
1000 to 1200 m above sea level, resulting in 10 to 15 km long tunnels. A century ago, it was just not feasible to drill deep exploratory holes of more than a few meters length, a fact that lead to many undesired problems and several disasters. Site characterization had to rely heavily on surface mapping and projection of
these surface structures to the depth of the tunnel. For example, difficulty in drilling deep exploratory boreholes led to the disaster at the Lötschberg Rail Tunnel, built between 1906 and 1913. The pilot tunnel ran
into an over-deepened valley filled with saturated gravel. Nearly one kilometer of the pilot tunnel was inundated with gravel and soil, killing and permanently burying the entire shift of thirty men. The initial
straight alignment was changed and the deep buried valley by-passed. The Gotthard Railway Tunnel (18741882) barely avoided a similar incident. It was discovered later, during the exploration for a possible hydroelectric plant in the 1940’s, that the rock cover above the tunnel was only 30 m, the remaining 300 m to
the ground surface consisted of water-filled sands and silts.
For the Gotthard Road Tunnel (1965-1976), the alignment was no longer straight, because it had to follow the surface track of the Gotthard Pass in order to accommodate short ventilation shafts required for a
road tunnel. Fortunately, this alignment moved the tunnel away from the deep buried valley, but the tunnel
remained in poor rock. More extensive exploratory drillings were carried out, yet the extrapolation of the
rock behaviour to the tunnel, particularly in the poorer rock zones, remained rather difficult. The actual
behaviour of the poor rock was worse than anticipated. A safety tunnel, that served also as a pilot tunnel,
was driven ahead of the main tunnel. A distinct size effect was noted between the pilot tunnel (approx. 4 m
wide) and the main tunnel (11 m wide).
At present, construction has commenced on the Swiss Alptransit project with the 34 km long
Lötschberg Base Tunnel (Steiner 1999) to be followed by the 57 km long Gotthard Base Tunnel. The 800 m
deep intermediate shaft at Sedrun has been sunk (1998-2000). The alignment of the Lötschberg tunnel was
chosen to bypass the over-deepened Kander valley to the west. Geophysical methods were used in combination with deep drilling, however there were some discrepancies between the two methods. In the northern
section, the tunnel crosses the complex metamorphic formation of the Wildhorn Nappe covering Flysch
sediments. With the sub-horizontal layering of the metamorphic nappes and the Flysch, a prediction of the
position was nearly impossible. In addition, the behaviour of these soft rocks of the Flysch formation is
difficult if not impossible to obtain from surface or from borings. Flysch, a term used worldwide, has its
origin in this geographic area and is translated from an expression of a local dialect for “flowing rock”.
This expression is used now for deposits along a continental margin of an ocean. A 9.5 km long exploratory
tunnel, which served first as a drainage tunnel during excavation of the main tunnel and then as a safety
tunnel during operation, was excavated. The water inflow encountered (Kellerhals and Isler 1998) was only
a third of the initially predicted volume and the rock conditions were in general much better than anticipated, i.e., the swelling and squeezing potential was substantially less.
6.1.1

Challenges of deep exploration - pilot tunnelling and deep borings
For the exploration of the Lötschberg Base Tunnel about fifteen, several hundred meters deep exploratory borings were drilled for various purposes, mainly focusing on possible weakness zones and on locating
the over-deepened Kander Valley in the north. The borings in the northern section were 400 to 600 m deep,
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vertical or inclined. In the southern section, directional drilling with inclined borings was used to verify the
position of a sedimentary wedge (Jungfrau-wedge) within the intrusive rocks. The sedimentary rock is the
same formation that hosts the thermal springs of Leukerbad some ten kilometers to the west. One 1.3 km
long, inclined (49 to 60°) boring encountered a sedimentary zone, less than 10 m thick of which 6 m were
marble with a 1 to 2 m wide water-bearing zone of crushed rock.
For the Gotthard Base Tunnel (Schneider 1999), two major domains for site characterization are of interest: the Piora Trough,
and the Tavetsch sediment zone between two
intrusive rock bodies. The Tavetsch zone
has been investigated by several directional
borings with a length of up to 1750 m
(Schneider 1999; Steiner 1999) and is not
further described here. At the surface, some
1700 m above the tunnel alignment, the Piora
zone consists of crushed rocks, so-called
sugary Dolomite, and other tectonized sedimentary rocks are also encountered (Figure
6.1). The exploratory system for the Piora
Trough consisted of a 5.5 km long, 5 m diameter tunnel, 360 m above the alignment of
the base tunnel, driven with a TBM from a
step in the main valley. A climbing heading
was chosen to avoid possible drainage problems in case of water inflow. At the end of
the tunnel, directional drilling was foreseen
across the Piora zone (Fellner 1999) at the
level of the base tunnel. A 360 m deep vertical shaft was considered (but never constructed) to pre-treat and cross this zone
before the main tunnel excavation would
arrive.
Experience during construction of the
Figure 6.1: Cross-section showing location of sugary
Piora
pilot tunnel at an overburden depth of
Dolomite and exploration tunnel. Close-up of stress-driven
1400 m showed the presence of stress-driven
break-out above TBM in exploration tunnel.
instabilities in the crown and invert, similar
to those described in Section 3, particularly in zones where the rock mass was structured and probably nonuniformly stressed (Figure 6.1). This suggests that the horizontal stress at the level of the exploration tunnel
is higher than the overburden stress.
In order to detect possible flowing ground ahead of the TBM, systematic exploratory drilling was carried out. The Piora zone was intersected at the location projected from the surface at the level of the exploratory tunnel, some 360 m above the base tunnel. However, an incident occurred when the blow-out
preventer was not properly mounted and operated. The crushed rock with a water pressure of 1000 m
washed through the 96-mm drill-pipe. The TBM was buried in washed-out sand and the sand flowed
through the drainage channel (cross section approx. 0.5 m2) to the portal of the exploratory tunnel. Several
thousand cubic meters of sand were washed into the tunnel. This incident justified the selection of the
climbing heading. The drilling at the level of the exploratory tunnel revealed a 235 m wide zone consisting
of an alternating sequence of crushed rock (sugary Dolomite), and intact limestone and Dolomite with Karst
features. Most interestingly, during the tunnel advance the rock temperature dropped as the tunnel approached the crushed zone. This was related to the presence of flowing groundwater in the zone of crushed
rock (Busslinger and Rybach 1997). A boring was drilled to the projected intersection of the contact zone
with the base tunnel, where the rock temperature was found to be much higher and no sedimentary rock was
present. A directional boring carried out on mid-level between the exploratory and main tunnel encountered
relatively competent rocks. The unconfined compressive strength of the weaker rocks (Dolomite and AnhyKaiser et al. – GeoEng2000
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drite) range from 30 to 50 MPa.
6.1.2

Overcoming the challenge with pilot and deep drilling
For shallow tunnels it is easiest to carry out exploration with borings. For deep tunnels, the construction of a pilot tunnel may often be a valuable alternative, particularly if it can be integrated in the final tunnelling scheme as a drainage or safety tunnel. With an exploratory tunnel the behaviour of the rock mass can be evaluated
much more extensively. Little extrapolation is required and
size effects are almost eliminated compared to deep borings.
Furthermore, supplementary investigations can be easily carried out. A feasible combination is illustrated by the Piora
system for the Gotthard Base Tunnel.
6.1.3

Figure 6.2: Pump-Down Packer System
PDPS (Bühler 2000)

Challenges with stress, permeability and deformation
measurements
Stress measurements are primarily carried out in good
competent rock. For example, in the Lötschberg Base Tunnel,
stress measurements were carried out in the lateral adit
“Mitholz” (σv = 24 MPa at 900 m depth) in the siliceous limestone (Kieselkalk; σc > 250 MPa) of the Wildhorn Nappe
(Kister et al. 2000). For tunnel design, deformation and
strength properties of the rock formations also have to be
known. Borehole dilatometer tests, stress measurements with
the borehole slotter and hydraulic fracture tests were carried
out in three borings of 25 m length. In addition, stresses were
measured with flat jacks in the tunnel wall. The measured
principal stress trending north-south corresponds to the overburden stress and the east-west stress, oriented parallel to the
main chain of the Alps, is half the magnitude of the overburden
stress.
For the transalpine tunnels, the dilatometer test has been
further developed making it feasible to a depth of 1400 m. The
determination of the deformability with in situ tests is a very
important issue; in particular in softer rock (Steiner 1998).
Compared to in situ, tests on core samples may indicate much
higher deformability due to induced micro-cracks (core damage
as discussed in Section 2). Furthermore, permeability (packer)
tests can now be carried out at such depth. These advanced
techniques also allow for the determination of the stationary
pressure level (Bühler and Thut 1999).
Recently, during the exploration program of the Alpetunnel (Brulard et al. 1999), the base tunnel between Lyon
(France) and Torino (Italy), long (2.8 km) and deep directional
drillings were utilized and packer tests were carried out with a
new system (Bühler 2000). The pump-down-packer-system
PDPS illustrated in Figure 6.2 is combined with a wire-line
coring system. During the drilling operation, the drill string is
pulled pack such that the desired length of rock is exposed.
The PDPS is pumped down the drill string to the drill bit where
it latches on like a standard core barrel. Close to the surface a
single packer is installed to apply pressure. The pumping pressure is then increased in the two packers of the PDPS, which
separate the test interval in the formation, and the third packer
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in the interior of the drill string. Once a pre-determined value has been reached, the inflation of the packers
is terminated. Integrated memory gauges register the down-hole pressure during the entire test sequence.
With the surface packer system a hydraulic testing program can be run. After completion of testing, the
PDPS packers are deflated by pulling back the drill string. Finally, the PDPS is retrieved by wireline. This
novel tool reduces standby time for drilling and testing costs significantly.
6.2

Design challenges
In civil works the underground opening has to be kept open for an extended period of time and the requirements on the lining are much more stringent than in mining. For hydro-electric power generation the
water conveyance tunnels have requirements on smoothness, i.e. hydraulic resistance, and water loss from
or water ingress into the tunnel when no water is conveyed. Railway and road tunnels have different requirements for protection of the rail bed and catenary traffic space as well as for provision of ventilation
channels in road tunnels.
6.2.1

Requirements for hydraulic tunnels
In the Alps and similar mountain ranges with rather variable rock conditions, most water conveyance
tunnels are lined with concrete if in- and outside water pressure conditions permit. With a concrete liner
consolidation and contact grouting is mandatory. A steel liner may be necessary for extreme pressure conditions. For free-flowing tunnels of low capacity, it may be more economical to use a larger cross section
with rough surface (shotcrete lining) than a smooth concrete lining. Many tunnels in the younger mountain
ranges (Alps, Andes) also require grouting to consolidate the rock and reduce its permeability. The rock
conditions in Scandinavia, in the Scandian-Baltic shield, are much better and unlined tunnels, not requiring
grouting, are feasible.
6.2.2

Requirements for road tunnels
Long road tunnels require ventilation channels separated from the traffic. Water flowing into the tunnel, either into traffic space or ventilation channels, is not desirable. A water proofing membrane is required which serves as an umbrella and water is then drained into a drainage system. The most recent
tunnels foresee the use of a dual drainage system for environmental protection, one that drains the mountain
water and the other the water from the tunnel interior. With a cast-in-place concrete the water proofing
membrane system is protected. Waterproofing is also necessary inside the rock, since cold ventilation air
may lead to the freezing of water and to associated expansion pressures (Steiner and Bargähr 1997; Dysli
1993; Crory et al. 1984). Most interior liners for Alpine tunnels in Switzerland and Austria are made from
unreinforced concrete. For maintenance and lighting, a smooth, lightly colored tunnel wall is required that
can be easily cleaned. Most road tunnels are thus lined by cast-in-place concrete. Payment provisions for
the concrete liner are such that the contractor has the incentive to use drilling and blasting procedures to
limit the over-break from long rounds.
Pre-fabricated elements for the interior lining of road tunnels were introduced some thirty years ago in
Switzerland; however, the experience was not satisfactory. Maintenance and safety problems developed, as
the suspension systems of the pre-fabricated elements corroded, partly failed and had to be exchanged.
Traffic accidents in tunnels often lead to collision with the tunnel wall and to a subsequent collapse of the
interior lining system. This system has been substituted with a cast-in-place liner and is no longer in use for
new tunnels.
The non-reinforced concrete also has the purpose of protecting the waterproofing membrane, the
drainage systems and steel tunnel support against damage from fires that may develop during road accidents.
The inner cast-in-place liner is rather resistant to heat.
6.2.3

Requirement for deep railway tunnels
Railway tunnels do not have the same stringent requirements on cleanliness, color and waterproofing
than road tunnels. Single shell linings with shotcrete are thus feasible. However, localized zones of water
inflow have to be drained. Often half pipes are placed and covered with shotcrete. The surface of the resulting tunnel wall is irregular. The 15.3 km long Furka tunnel and the 19.1 km long Vereina tunnel are
mostly lined with single shell shotcrete liner. The trains circulate in these tunnels at a speed of 100 km/h.
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The new base tunnels for Alptransit are used by trains running at 200 km/h or more. For such high speeds
aerodynamics require a smooth surface of the tunnel wall. For this reason these tunnels will most likely be
lined by cast-in-place concrete. Nevertheless, developments of new sprayed waterproofing membranes
without solvents (Melbye 2000) will open new opportunities for more economic tunnel lining systems.
6.3

Construction issues

6.3.1

Conventional excavation versus TBM excavation
Tunnel costs are composed of the cost for excavation and for placing the various parts of the support
system: rock bolts, shotcrete, wire fabric, lattice girders and/or steel sets for conventional excavation, or
segmental liner if a TBM with shield is used. The cost of hindrance has to be included and is different in
each case. For an economic comparison, the length of a tunnel is a deciding factor, since a TBM depreciation depends on the length of the tunnel among other factors.
6.3.2

Open TBM versus shielded TBM
In Switzerland for tunnels longer than 3 km in soft sedimentary rock (average UCS < 50 MPa, maximum UCS < 80 MPa) of the tertiary bedrock (Molasse) and similar formations, the use of a shielded TBMs
with segmental lining has proven economical (Steiner 2000a). Put into historical perspective and combined
with recently developed knowledge on stress driven instabilities, the problems associated with instabilities
in the Heitersberg tunnel, which led to the development of a shielded TBM with segmental lining, can be
attributed to the development of stress-driven failure immediately at the face. In this case, failure occurred
above the cutter head in the soft rock at relatively low stresses with only 100 to 200 m overburden.
Typical costs per lineal meter m’ of different ground classes (Table 6.1), based on reference costs for
tunnel construction published by the Swiss General Contractors Association (1999), are shown in Figure 6.3
for a dual lane road or a double track railway tunnel approximately 6 km long. For conventional drill and
blast excavation the lowest three ground classes are less expensive to construct with a horseshoe cross section, despite the fact that excavation alone is more expensive. The cost situation changes for the higher
three ground classes. The cost for a TBM tunnel remains more or less constant for all classes. For a particular tunnel the preference between a shielded TBM and conventional drill-and-blast construction depends
on the distribution of these ground classes. For soft rock tunnels in the tertiary bedrock in Switzerland
longer than about 3 km TBM, the total cost is not influenced by the distribution of ground classes. The
effect of changing ground classes, from prediction to construction, has been shown (Steiner 2000a) to result
in increased costs for drill-and-blast excavation.
For harder rock (σc > 150 MPa), the cost of excavation increases (Figure 6.3) due to the increased wear
of the disc cutters, the slower penetration of the TBM, and the resulting smaller advance rate (Gmür 2000).
The cost of the segmental lining remains high. For harder rock, lower classes may be more economical to
be constructed with drill-and-blast excavation, since the distribution of rock classes may shift to the lower
classes. In hard rock, an open TBM is often used with a short shield. Support is then placed as close to the
Table 6.1: Description of ground classes utilized to produce Figure 6.3
Excavation
Rock Invert Heading Invert
Class Arch

I
II
III
IV
V
VI

Shotcrete

External Lining
Bolts
Wirefabric

Applied
Average
Nominal volume incl. length of
thickness rebound single bolt
(m3/m') (m3/m') (mm)
(m3/m')
(m)
(Bolts/m')
No
82
50
1.2
1
3.3
No
82
70
3.4
3
2.6
No
83
110
4.9
4
6.3
Yes
84
7.2
150
6.7
5
8.3
Yes
85
7.5
190
8.2
6
10.4
Yes
86
8.0
230
9.2
7
17.0
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(kg/m')
21
21
76
77
77
77

Steelsets

(m steel Weight
per m') (kg/m')
20
500
25
810
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face as possible, however, the mechanics of the TBM are present in
35,000
this area and the application of shotcrete is not desired, since it may
30,000
damage the mechanical gear and
25,000
hydraulic system of the TBM. Rock
20,000
bolts and steel straps are therefore
typically applied in the crown, and
15,000
steel sets with wire mesh are placed
10,000
in poorer ground. Nevertheless, for
stress driven instabilities around the
5,000
circumference (in civil engineering
0
often called “loosening”) broken
I
II
III
IV
V
VI
Soft Rock Hard Rock
rock pieces accumulate behind the
Classes for Conventional Excavation
TBM
wire mesh. Before shotcrete can be
Figure 6.3: Typical costs (1SFr = 1.65 $US-2000) of tunnels per
applied, this loosened rock has to be
class for conventional excavation and TBM excavation in soft and
removed in an expensive operation.
hard rock (for 4 to 6 km long tunnels); “Different Costs” include
This may render TBM tunnelling
costs of auxiliary measures and drainage, waterproofing membrane, more expensive than drill-and-blast
interior finish, etc.
excavation.
New, short and compact tunnel boring machines have been developed and are operating (Hentschel
2000) that allow the placement of support as close as possible to the face. Rock bolts, steel sets and shotcrete can be placed within 4 to 6 m of the face. The cutter head is protected in the crown by a short shield.
A 9.5 m diameter and 23.5 m long TBM is currently excavating a 2325 m long tunnel in a cement quarry at
Reuchenette in the Jura mountains of Switzerland. For optimal placement of the support, the TBM should
be as short as possible. Similar open tunnel boring machines have been ordered for the southern sections of
the Lötschberg Base Tunnel. In practice the criteria for selecting a particular system is governed by economics.

Cost per linear meter (SFr/m')

40,000

Different Costs
Internal Lining
External Lining
Excavation

6.3.3

Single versus double shielded TBM
For small diameter tunnels (< 4 m) the mechanical requirement of the cutter wheel drive and of the hydraulic jacks require substantial space, such that a double shield is the better choice. For larger diameter
tunnels (> 6 m) the cutting wheel drive can be easily placed in the first shield. From a mechanical point of
view a single shield is possible. In order to limit damage to the rock, ground support should be placed as
close to the face as possible, favoring a short single shield with support following immediately behind the
shield. This also means that single shields are to be preferred over double shields.
6.3.4

Measures to crossing fault zones
Most problems with TBMs are encountered in fractured and crushed rock zones, particularly in the
presence of ground water (Steiner 2000b). Measures to place additional support ahead of the TBM have to
be foreseen and planned. Grouting alone is often insufficient. Grouted spiling is useful and often used in
combination with localized dewatering of the crushed and fractured rock. Drainage is essential and is often
one of the crucial means to stabilize crushed rock. In extreme cases, ground freezing has been used to stabilize crushed rock in faults. The crossing of fault zones has to be planned well ahead and auxiliary means
have to be installed on the TBM and kept ready. With such preventive measures, delays can be reduced and
cost-overruns prevented.
6.4

Challenge of water inflow

6.4.1

Issues in controlling water inflow
Water inflow is a major issue in tunnel construction and operation. Civil tunnels are arranged to allow
free flowing drainage whenever possible. Tunnels built a century ago and road tunnels built until a decade
ago were mostly built as free draining tunnels. Water flowing into these tunnels was captured and conveyed
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through a drainage system to the portal. Tunnels can lead to depletion of springs and water supplies as was
experienced years ago at the Hauenstein summit tunnel (1853-58) which crosses the main chain of the Jura
Mountains with a unilateral slope to the south. The water supply to the north was drained away. The then
newly established Swiss Federal Court ordered the construction of a smaller, second tunnel to bring back the
water from Karst caverns to the northern portal. The drainage from a pilot tunnel has caused large damaging settlements in the rock foundation of an arch dam at a hydropower plant (Biedermann 1982). Environmental regulations in Switzerland and in many other European countries require that the water inflow must
now be limited for new tunnels. The useable water regime must not be altered. Water pressures up to about
100 to 150 m of head can be resisted by a waterproofed system, consisting of a concrete liner with a waterproofing membrane. In pervious rock with higher pressures, an impervious ring of treated rock has to be
created around the tunnel with grouting.
In deep mines, water inflow has to be limited in order to reduce the pumping quantities and thus the
costs. Grouting techniques with cement installed under high pressures (200 bar and more) have been developed and applied in deep mines of South Africa.
6.4.2

Requirements for grouting below Scandinavian cities
The scope in near surface tunnelling in hard jointed granite encountered in Scandinavian bedrock is often to limit a drop of pore pressures in the overlying clay to limit or avoid settlements of normally consolidated, soft clays. It is most important to realize that even minor water flow may have a significant effect on
pore pressures. For normal grouting to be effective in already impervious bedrock (k = 10-7 m/s; equivalent
to one Lugeon) with overlying clays (k < 10-9 m/s), the grouted rock mass has to be more impervious to
avoid reduction of pore pressures in the clay. The procedures are that a fan of 10 to 14 m long borings,
spaced 1 to 2 m, is drilled from the circumference of the face. These borings are then grouted by micro-fine
cement to a pre-determined quantity per length of drillhole. One criteria used in quality control is the back
flow of grout in near-by drillholes. This criterion is only applicable in these low permeability rocks. The
narrow fissures are jacked open and the grout penetrates the rock mass and makes it less pervious. In “normal” grouting practice, the adjacent boreholes have to be closed off by packers.
6.4.3

Environmental constraints on civil tunnels
The new alpine base tunnels will transverse the rock mass below or adjacent to existing, mainly concrete arch dams. Furthermore, to prevent drainage of the rock mass the water inflow into the tunnel has to
be limited. Hence, stringent limits on water inflow have been imposed on the shafts and tunnels of the Alptransit scheme in Switzerland. The 800 m deep intermediate shaft at Sedrun for the Gotthard Base Tunnel
was grouted ahead of the excavation with a systematic fan of 8, 12 or 16 forty-meter long boreholes. These
were grouted with micro-fine cement when water inflow was encountered.
For the Lötschberg Base Tunnel, grouting ahead of the face is foreseen when conditions require it to
limit water inflow. This is the case in the limestone zones of the northern section (Mitholz) and the Jungfrau Wedge (Jungfrau Keil) in the southern part of the tunnel. Once the tunnel excavation approaches this
zone, grouting 20 to 40 m ahead of the excavation will be carried out to prevent seepage into the tunnel.
Grouting pressure is applied against the static head only and not against flowing water.
For large aperture discontinuities (width > 1 mm), regular cement is used with low water cement ratios
(w/c < 1.0) plus additives. For rocks with small aperture, micro-fine cements are used. With newer grinding techniques for micro fine cements, the material prices have dropped but are still three times the cost of
regular cement. Less than ten years ago, the difference in price was ten times or more.
6.5

Utilization of tunnel muck
The new transalpine tunnels will produce large quantities of tunnel muck of which much comes from
rocks that can be used to produce aggregate. Substantial quantities of aggregate are required for shotcrete
and cast-in-place concrete tunnel linings. For the construction of the old tunnels over a century ago, rock
from the tunnel was used to produce quarried stone, if feasible, or to use at least some of the cobbles as
backfill between liner and rock surface. Today, the tunnel muck must be crushed to produce the required
aggregate. The influence of different excavation techniques and the effect of treatment with different crushers have been studied for the Alptransit project. Tests with variable spacing of disc cutters were carried out
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in the access tunnel to the Äspö laboratory in southern Sweden (Büchi and Thalmann 1995) in granite with
an unconfined strength UCS of 250 MPa, a Point Load Index Is50 of 7.5 MPa, and a Cerchar Abrasivity Index of 5.3. Some results from this study (Thalmann 1997) are presented in Table 6.2. Tunnel muck from a
drill and blast excavation in igneous rocks yields large aggregate and little fine material, and is much more
suitable for the re-use as aggregate than material from other excavation techniques. A third to one half of
the material produced by a TBM equipped with point bits ranges from 0 to 4 mm. With the normally used
spacing of disc cutters (65 to 86 mm), a substantial quantity of sand (0 to 4 mm) is produced. If the spacing
is increased to twice the “normal” spacing, namely 172 mm, the fines are reduced to 20% and the percentage above 32 mm increases. Other investigations with regard to the shape of the tunnel muck were carried
out in the same study.
Table 6.2: Gradation for tunnel muck with different excavation techniques (Thalmann 1997)
Percentage of Tunnel Muck
Method of Tunnel Excavation
Spacing of
Disc Cutters
0 – 4 mm
> 32 mm
>
100
mm
N.A
2–5
85 –95
75 – 85
Drill and Blast: Igneous rock
N.A.
15 – 40
5 – 35
0-5
Roadheader in soft limestone
60
–70
mm
30
–50
2
–20
0
TBM with point bits
65 –85 mm
15 – 50
5 – 50
0 - 10
TBM with disc cutters: sedimentary and igneous rocks
86 mm
45
20
0
TBM with enlarged disc spacing
129 mm
40
30
5
172 mm
20
35
15
Excavation with a tunnel boring machine equipped with disc cutters produces a large quantity of rock
powder, i.e. silt and clay fraction (< 0.063 mm). Tests indicate that 3 to 10 % of the material is in the silt
fraction (Thalmann 1997). For the use as aggregate TBM muck has to be washed and the fines separated.
For the construction of the Lötschberg Base Tunnel a scheme for managing the tunnel muck has been
developed to utilize the muck to the greatest extent possible. Three classes of tunnel muck have been defined (Table 6.3; Zermatten 2000). The tunnel muck will be separated in the area of the portal of the intermediate adit into the three categories. Rock of good quality will be recycled for utilization as aggregate for
concrete and shotcrete. The poor rock is used as fill in abandoned quarries.
Table 6.3: Classes of tunnel muck for construction of Lötschberg Base Tunnel (Zermatten 2000)
Class General characteristics
Requirements on
Typical rocks
Use of muck
separation, treatment
and verification
K1
Good rock quality,
Little requirement for
Limestone, sandGravel first class;
homogenous rock
treatment and verifica- stone, igneous rocks
aggregate for concrete and
series
tion of tunnel muck
with small percentage shotcrete
of schist (<10 %)
K2
Medium to good rock
Increased requirement Shale, Dolomite,
Gravel second class;
quality, heterogeneous for separation and
argillaceous schist,
if necessary some class K1
lithology
treatment of tunnel
Marls and marly
material can be extracted
muck
limestone
from this muck
K3
Poor quality rock,
Little requirement for
Fault gauge (Kakirit) For embankments, backunsuited as aggregate
treatment and separaAnhydrite, Flysch
fill, terrain modifications,
for concrete
tion
filling of gravel pits and
quarries
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